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ABSTRACT

Progressive Collapse Analysis of Older Reinforced Concrete Flat Plate Buildings
Using Macro Model

By
Jinrong Liu
Dr. Ying Tian, Examination Committee Chair, Associate Professor
Department of Civil and Environmental Engineering and Construction
University of Nevada, Las Vegas

Catastrophic progressive collapse of a building can be triggered by a sudden loss of
a load-bearing element in an abnormal loading event. There is a large inventory of
reinforced concrete flat plate buildings designed in accordance with older codes. Without
using shear and integrity reinforcement in slabs, these older flat plates are vulnerable to
progressive collapse. The overall goal of this research is to numerically examine the
resilience of older flat plate buildings against progressive collapse due to instantaneous
removal of an exterior or interior column.
To achieve the research goal, a macro behavioral model of slab-column frame is
created and applied to a prototype flat plate building designed following the ACI 318-71
code. The macro model employs both connector and shell elements. The shell elements are
used to mainly simulate the flexural behavior of slab and the load redistribution over floor
iii

slabs. The connector elements are adopted to simulate bending moment, shear, and torsion
transferred from slab to column, and to simulate connection punching shear failure. To
ensure applicability of the proposed macro model, it is validated by 24 large-scale tests
conducted on isolated slab-column connections under three different types of loading
conditions.
Both dynamic and static analyses are conducted on the prototype building under
service live loads. The nonlinear dynamic analyses indicate that, following the sudden
removal of a column, punching failure will occur in the neighboring slab-column
connections and the failure will immediately propagate over the slab floors, leading to a
collapse of the building. The dynamic analyses also reveal that neglecting strain rate effects
on materials would lead to considerably overestimated global and local deformation
demands on slabs.
The nonlinear static analysis approach specified in the DoD progressive collapse
design guideline is found inadequate in equivalently estimating the dynamic response of a
flat plate system. The energy-based nonlinear static analysis procedure is therefore
examined and proved to be an effective approach. To indirectly account for strain rate
effects, parameters defining dynamic strengths of materials are suggested. To further
examine the likelihood of progressive collapse, nonlinear dynamic and energy-based static
analyses are applied to the prototype building under three gravity load levels and with
varied properties of slabs.
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CHAPTER 1
INTRODUCTION

1.1 Flat Plate Structures and Progressive Collapse
Reinforced concrete flat plate structures consist of uniform thickness slabs
supported directly on the columns, as shown in Figure 1.1. The absence of beams and
drop panels makes this type of structure attractive due to simple formwork, reduced
construction cost, more clear space and architectural flexibility. Consequently, flat plate
structures have been widely used for commercial and residential buildings in non-seismic
or low-seismic regions. In regions with moderate to high earthquake hazards, flat plates
are often designed as gravity load-carrying systems and used in combination with lateral
load-resistant systems such as perimeter moment-resisting frames or shear walls.

Figure 1.1 A typical flat plate structure (http://nisee.berkeley.edu).

Despite the above advantages, one of the most obvious disadvantages of flat plate
1

system is its tendency of brittle punching failure of slab-column connections due to the
highly concentrated shear and moment in the slabs. As shown in Figure 1.2, a punching
failure is characterized with the brittle failure of the connection in which the column
together with a portion of slab is pushed through the slab. When such a failure occurs at a
slab-column connection, the gravity load previously carried by this connection will be
redistributed to the neighboring connections, and may cause overload and subsequent
punching failure in these connections, leading to a disproportionate collapse. Following
the punching failures, if the floor slab cannot develop sufficient tensile membrane action
to carry gravity loads, a progressive collapse of the entire building may occur.

Figure 1.2 Punching failure at the slab-column connection (Mirzaei and Sasani, 2011).

Progressive collapse is a large-scale structural failure that can be caused by
abnormal loads such as gas explosion, vehicular collisions, or human errors. The local
damages may result in a spread of failure from element to element, leading to a large
portion or even total collapse of a building (ASCE 7-10, 2010). The collapse of the
Sampoong Department Store in South Korea in 1995, as shown in Figure 1.3, is a case of
2

such tragedy in the history. Due to the under-designed slab thickness and overload in fifth
floor, punching failure initiated from an interior slab-column connection at top story,
resulting in a progressive collapse of the building that killed 501 people. This tragedy
clearly demonstrated the disastrous consequence of a progressive collapse in a flat plate
structure.

Figure 1.3 Collapse of Sampoong Department Store (Park, 2012).

Since the collapse of the Ronan Point Tower in the U.K. 1968, numerous efforts
have been made to study structural performance against progressive collapse. The design
guidelines (GSA, 2003 and DoD, 2009) were issued in the United States to provide
general regulations for preventing progressive collapse.

1.2 Research Needs
There is a large inventory of flat plate buildings in the U.S. that were built based
3

on the pre-1989 ACI design codes and have neither slab shear reinforcement nor
continuous bottom reinforcing bars through the columns. These older flat plates have low
ductility and little capability to develop a tensile membrane action, and therefore are
highly vulnerable to progressive collapse.
Considerable efforts have been made following the collapse of the World Trade
Center twin towers to study the progressive collapse resistance of a structure subjected to
the sudden removal of vertical load-bearing components such as columns. However,
previous research has primarily focused on moment-resisting frames and few efforts have
been made toward reinforced concrete flat plate buildings. If a supporting column of a
flat plate is suddenly destroyed during an abnormal event, the gravity load previously
carried by the column will be redistributed to the surrounding connections. The potential
of progressive collapse depends on whether the local force and deformation demands at
the neighboring slab-column connections exceed their strength and ductility supplies. To
date, the knowledge regarding the collapse resistance of older flat plate structures is
extremely limited.
The design guidelines (GSA, 2003 and DoD, 2009) were issued to provide
general regulations for preventing progressive collapse in building structures. It is
noteworthy that the modeling parameters and acceptance criteria in these guidelines were
adopted with minor revision from ASCE 41 (2006), a standard for seismic evaluation.
The validity of these modeling parameters and acceptance criteria is highly debatable due
to the dramatically different nature of loading scenarios. The combination of wide
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applications of flat plates, the high vulnerability of their progressive collapse, and the
lack of an effective modeling approach for the collapse analysis of flat plates makes the
research presented in this study urgently needed.

1.3 Research Objectives
The overall goal of this research is to examine the potential of progressive collapse
in old reinforced concrete flat plate structures subjected to the sudden removal of a
supporting column. Specific objectives include (1) developing a reliable but
computationally efficient numerical model for the collapse analysis of flat plate buildings,
(2) examining the dynamic response of flat plates and punching failure propagation
following the sudden loss of an interior or an exterior column; and (3) exploring nonlinear
static analysis approach to equivalently simulate the peak dynamic response of flat plates
in the scenario of sudden column removal.

1.4 Literature Review
Progressive collapse is a low probability event, as it requires not only abnormal
loads that initiate a local damage in structural components but also a structural system
that lacks adequate strength, continuity and ductility needed to prevent the spread of
damage. This section first reviews the historical events of progressive collapse and
special attention is given to flat plate buildings, and then reviews experimental and
analytical research previously conducted on flat plate structures.

5

1.4.1 Historical events of progressive collapse
Ronan Point apartment, U.K.
One of the earliest events of progressive collapse is the collapse of the Ronan
Point apartment building in 1968 in the U.K. The building was a precast concrete wall
system with floor slabs supported directly by the walls. An accidental explosion caused
by gas leak blew out the precast wall panels on the 18th floor, triggering the collapse of
the upper floors, which fell on the lower ones as a result of chain effect (Nair, 2004). The
connections between the walls and floors did not provide any alternate load path for load
redistribution, thereby leading to a progressive collapse of the structure. Since this
accident, research interests and concerns from government agencies have been given to
the structural design of preventing progressive collapse.

2000, Commonwealth Avenue, Massachusetts, US
On January 25, 1971, two thirds of a 16-story apartment building collapsed
(Figure 1.4) while under construction at 2000 Commonwealth Avenue, Boston,
Massachusetts. The building was a cast-in-place reinforced concrete flat plate
construction with a central elevator shaft core. The collapse was initiated by a punching
shear failure in the main roof at column E5 (Figure 1.5). Then the roof began to sag, the
reinforcing steel was popped out from slabs, and the roof collapsed to the sixteenth floor.
The weight of the collapsed roof caused this floor to collapse onto the fifteenth floor, and
so on to the ground.
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Figure 1.4 Collapse of 2000 Commonwealth Avenue (King, 2004).

Figure 1.5 Floor plan and location of column E5 (King, 2004).
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The commission of inquiry concluded that the collapse would not have occurred if
the construction had conformed to design documents. The direct causes of the failure
were: (1) formwork for the penthouse floor slab collapsing onto the roof; (2) a heavy
piece of equipment falling from a crane, which initiated the progressive collapse; and (3)
low strength concrete designed and placed during cold weather for roof slabs. In addition,
there were many flaws that contributed to the collapse. For instance, bottom slab bars
were not long enough to be anchored into the core walls, and in some locations, only
one-half of the specified top slab steel was actually placed.

Skyline Plaza, Virginia
The Skyline Plaza, a 26-story reinforced concrete flat plate structure collapsed
while under construction on March 2, 1973. Fourteen workers were killed and thirty-four
people were injured in the accident (Carino et al., 1983).
Based on a field investigation, the National Bureau of Standards (NBS) concluded
that the collapse was probably initiated with punching failure at one or more slab-column
connection at the 23rd floor. The premature removal of formwork supporting this floor
when the concrete strength was relative low resulted in excessive shear stress at the
slab-column connections. The failure of one connection overstressed the surrounding
connections and the punching failure propagated through the 23rd floor. The impact of
falling debris from the collapse of 23rd floors overloaded the 22nd floor and induced a
progressive collapse of the lower floors.
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The above two collapse events (2000 Commonwealth Avenue and Skyline Plaza)
indicated that flat plate structures are prone to punching failure due to abnormal loads or
poor material strength. A flat plate floor system is difficult to develop alternate path for
load redistribution due to the absence of beams. A punching failure at one slab-column
connection may trigger subsequent failure at the surrounding connections, leading to a
progressive collapse.

1.4.2 Research on slab-column connections under concentric gravity loading
1.4.2.1 Experimental research
Considerable experimental studies of punching shear capacity and failure
mechanism of slab-column connections under concentric gravity loading were conducted
over the past few decades. Isolated interior slab-column connections, as shown in Figure
1.6, were commonly used as test specimens. As shown in Figure 1.6(a), a specimen can
be loaded through the center column stub and simply supported along its four edges with
the corners free to lift up. Such a test setup was used by Elstner and Hognestad (1956),
Moe (1961) and Criswell (1974). Figure 1.6(b) shows another test setup, which is more
frequently used in the recent research (Broms, 2000; Guandalini et al., 2009). Eight
supporting points were used to simulate the contraflexure lines around the center column.
Several representative experimental research along with their findings are reviewed in the
following sections.
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Figure 1.6 Test setup for slab-column connection under concentric gravity loading.

Elstner and Hognestad (1956)
Elstner and Hognestad (1956) tested 39 6-ft square 6-in thick slab-column
connections subjected to central loading. Test variables were column size (10 and 14 in.),
concrete strength (2000 to 7000 psi), support condition (two sides or four sides simply
supported), slab flexural reinforcement ratio (0.5 to 3.7%), and reinforcing pattern (singly
or doubly reinforced slabs).
Based on the experimental results, the following formulation was proposed to
estimate the punching shear strength of slabs without shear reinforcement:

V
7
bdf c'
8

=

333 0.046
+
(psi, in)
φ0
f c'

Equation 1.1

where V is the ultimate shear strength of the slab; b is the perimeter of the loaded area, d
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is effective slab thickness, f c' is the concrete compressive strength, and φ0 is the ratio
of the shear capacity to flexural capacity based on yield line theory. It is clear that by this
equation the shear and flexure is considered to be a combined problem, which is not
reflected in the ACI building design codes.

Moe (1961)

Moe tested 43 isolated interior slab-column connections to study the punching
failure mechanism. Based on the test results, an empirical formulation (Equation 1.2) was
developed to estimate the ultimate shear strength of slab-column connections.
r
15(1 − 0.075 )
d (psi, in)
=
'
bd f c
bd f c'
1 + 5.25
V flex
V

Equation 1.2

where r is column width and V flex is the gravity shear capacity based on yield line theory.
ACI-318 code formulation on the shear strength of typical interior slab-column
connections is mainly based on Moe’ study.

Criswell (1974)

Criswell (1974) reported two testing programs. In the first program, 19 large-scale
interior slab-column specimens were tested. Eight specimens were slowly loaded to failure,
two specimens were subjected to dynamic loads of short duration, and nine specimens
were applied with blast loading. The second testing program contained testing two
1/4-scale nine-panel flat plate specimens. One specimen was slowly loaded with water
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pressure; the other one was using blast loadings provided by the large blast load generator.
It was found that flexural and shear response are closely related. Thus a clear division of
connection failure between shear and flexural modes was difficult to define. As shown in
Figure 1.7, the transition from brittle to ductile response occurred gradually as the flexural
reinforcement ratio decreases. φ 0 was used to classify failure mode into failure due to
shear ( φ 0 ≤ 1.0 ) and failure due to flexure ( φ 0 > 1.0 ).

Figure 1.7 Effect of flexural reinforcement ratio on connection ductility (Criswell, 1974).

Due to material strain rate effect under dynamic loading, the resistance was
increased by 18 to 26% for connections loaded dynamically. It was also pointed out that
the test setup of the isolated slab-column connection which was used as a routine could
not exactly reproduce the actual conditions in a continuous floor slab system. For
instance, the in-plane restraint resulting from the surrounding slabs was neglected in
testing of isolated slab-column connections.
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Guandalini et al. (2009)

To investigate punching failure, researchers tended to exclude flexural failure prior
to punching failure by increasing slab reinforcement ratio. Therefore a majority of
experiments have been conducted on heavily reinforced slabs. Given that slabs with low
reinforcement ratios are commonly used in design practice, Guandalini, et al. (2009)
carried out a series of tests on punching shear behavior of slabs with low flexural
reinforcement ratios and without transverse reinforcement. The tests also studied the
influence of size effect on punching shear by testing specimens in half-scale, full-scale and
double-scale. One of the findings was that ACI 318-08 code (ACI 318, 2008) equation that
does not account for the amount of the flexural reinforcement and size effect may lead to
unconservative estimates of the punching shear strength for thick or lightly reinforced slabs,
whereas the Eurocode 2 (2004) better predicts the experimental results.

1.4.2.2 Analytical modeling
Kinnunen and Nylander (1960)

Kinnunen and Nylander (1960) proposed a model to estimate punching shear
capacity considering compatibility and equilibrium. The model was based on the test
results of 61 circular slabs supported on circular columns and loaded around the
circumference. Test variables were the amount and type of radial reinforcement.
It was assumed that radial cracks separate the slab into rigid segments, each being
supported on a conical shell between the column and root of the shear crack, as shown in
Figure 1.8. Each slab segment rotates around an axis located at the crack tip (denoted as
13

CR) under vertical loading. The slab internal forces depend on the rotation angle, ψ, and
material properties. Failure was assumed to occur when the circumferential concrete
strain at slab bottom surface underneath the conical shell reaches a critical value ε ct ,
given in Equation 1.3, where B is the diameter of the column and h is the slab thickness.

Figure 1.8 Analytical model for punching resistance (Kinnunen and Nylander, 1960).

B
For 0 < B / h < 2, ε ct = 0.0035(1 − 0.22 )
h

For 2 < B / h,

Equation 1.3a

ε ct = 0.0019

Equation 1.3b

It is noted that this model is only applicable to slabs with axisymmetric geometry
and loading. However, the philosophy of this analytical model was later adopted in some
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other studies (Broms, 1990 and Muttoni, 2008).

Muttoni et al. (1991, 2003, 2008)

Muttoni et al. (1991) developed Critical Shear Crack theory, a deformation-based
failure criteria to describe the punching shear phenomenon. This theory can be stated as
follows: the shear strength is reduced by the presence of a critical shear crack that
propagates through the slab into the inclined compression strut transferring shear force to
the column. The critical shear crack theory was developed based on two physical
mechanisms, elbow-shaped strut (Figure 1.9) and aggregate interlock.

Figure 1.9 Elbow-shaped strut and aggregate interlock.

Muttoni and Schwartz (1991) assumed that the width of the critical crack is
proportional to the product ψd (where ψ is the rotation of slab outside of column region
and d is effective slab depth). Muttoni (2003) developed Equation 1.4 for estimating the
punching strength of slab-column connections under symmetric gravity loading.
V
3/ 4
=
b0 d f c′ 1 + 15 ψd
16 + d g

(SI unit: N, mm)
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Equation 1.4(a)

V
9
(U.S. customary unit: psi, in.)
=
b0 d f c′ 1 + 15 ψd
0.63 + d g

Equation 1.4(b)

where V is the nominal punching shear strength, b0 is the perimeter of critical section
(located at a radius of the critical shear crack), d g is the maximum size of aggregate. The
failure criterion expressed by Equation 1.4 can be plot as a V-ψ curve shown in Figure 1.10.
The punching failure occurs at the intersection of the load-rotation curve and the
descending curve representing the failure criterion. The load-rotation relationship is
described by Equation 1.5, which is derived from a numerical integration of
moment-curvature response.

Figure 1.10 Load-rotation curves and failure criterion.
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V=

2π
rq − rc

⎡ − mr r0 + mR (ry − r0 ) + EI1ψ (ln(r1 ) − ln(ry )) +
⎤
⎢ EI χ (r − r ) + m (r − r ) + EI ψ (ln(r ) − ln(r ))⎥
cr cr
1
0
s
cr ⎦
⎣ 1 TS 1 y

Equation 1.5

where E is concrete Young’s modulus, I0 is moment inertia of slab section before cracking,
I1 is moment inertia of slab section after cracking, mr is radial moment per unit width,

mR is nominal moment capacity per unit width, mcr is crack moment per unit width, χTS
is the decrease in curvature due to tension stiffening, r0 is radius of the critical shear crack,

r1 is radius of the zone in which cracking is stabilized, rc is radius of a circular column,
rcr is radius of cracked zone, rq is radius of the load at the perimeter, rs is radius of
circular isolated slab element, and ry is radius of yielded zone.
It is noted that the load-rotation relationship (Equation 1.5) was derived from
isolated axisymmetric slab-column connections and the complicacy limits its use in a
system level analysis of a flat plate structure. However, using a finite element simulation to
produce the load-rotation curve and then finding the intersection with failure criterion
(Equation 1.4) can be a practical approach to predict a punching shear failure.

1.4.3 Research on slab-column connections under pure torsion
Kanoh and Yoshizaki (1979)

Torsion exists at a slab-column connection subjected to asymmetric loading. To
date, most of the research on the torsional capacity of reinforced concrete components
was limited to beams or columns, whereas little attention was given to flat plate under
torsion. In order to investigate the torsional behavior of slab-column connection, Kanoh
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and Yoshizaki (1979) tested eight specimens subjected to pure torsion, as shown in Figure
1.11. The slab was supported at each end on rollers and the column stub fitted with steel
arms was pulled in opposite directions by hydraulic jack to produce a torque. Thus only
torsional moment was transferred between the slab and the central column. Test variables
were reinforcement ratio (0.4% to 1.4%), slab width (15.7 to 47.2 in.) and column size
(7.9 to 23.6 in.). The test indicated that, in spite of different reinforcement ratio and slab
width, the torsion capacity fell close to each other. It was also observed that once
torsional crack developed, the rigidity of the test specimens decreased gradually with
increased column rotations. For rotations greater than 0.01, the increase in load with
increased rotations was small and when rotation reached about 0.015, the maximum
loading capacity was achieved. The capacity then decreased slowly with increased
rotations and fairly ductile behavior was observed beyond the maximum strength.

Figure 1.11 Plan and side views of Specimen T2 tested by Kanoh and Yoshizaki (1979).
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1.4.4 Research on slab-column connections transferring unbalanced moment

Since the 1970s more attentions have been given to the behavior of flat plates
subjected to combined vertical and lateral loading caused by wind or earthquake.
Unbalanced moment, transferred between columns and slabs, produces additional shear
stress and torsion that increase the vulnerability of slab-column connections to punching
failure. Representative experimental and analytical studies are briefly reviewed as follows.

1.4.4.1 Experiments of slab-column connections transferring unbalanced moment
Hanson and Hanson (1968)

Hanson and Hanson (1968) tested 17 small scale slab-column connections
resisting combined shear and unbalanced moment. The slab thickness was 3 in. The
design methods recommended by Stasio (1960), Moe (1961), ACI-ASCE committee 326
(1962) and ACI 318 (1962) for connection shear strength were examined against test data.
It was concluded that approximately 60% ( γ f = 0.6 in ACI 318 codes) of the
unbalanced moment was transferred by flexure across a slab section of c+3t (t is slab
thickness) and 40% ( γ v = 0.4 in ACI 318 codes) was transferred by eccentric shear
stress. The shear stress was taken as varying linearly about the centroid of an assumed
critical section and the maximum shear stress was limited to a nominal shear stress of

4 f c' (psi, in). These findings are the basis of shear strength formulation in the ACI-318
code provisions for slab-column connections transferring unbalanced moment. It is
noteworthy that, based on a larger database of test results, the study by Tian et al. (2008a)

19

indicated that the eccentric shear stress model cannot predict the moment transferring
capacity of slab-column connections accurately.

Hawkins, Bao and Yamazaki (1989)

Hawkins, Bao and Yamazaki (1989) tested 36 three-quarter scale interior
slab-column connections subjected to shear and unbalanced moment. The square slabs
were supported on a central column. Unequal vertical forces were applied around the
perimeter, and the resultant overturning moment was balanced by jacking the column
horizontally at its ends, as shown in Figure 1.12.

Figure 1.12 Elevation and plan views of test setup used by Hawkins et al. (1989).

The test variables included slab thickness, concrete strength, slab flexural
reinforcement ratio, column rectangularity, and moment-to-shear ratio (M/V). Maintaining
a constant M/V-ratio, vertical loads were increased monotonically until failure occurred or
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the deflection at the edge of a specimen exceeded 2.5 in.

1.4.4.2 Analytical model
Equivalent Frame Model

The equivalent frame method simplifies a spatially continuous three-dimensional
(3D) two-way slab system to a series of two-dimensional (2D) planar frames. The model
contains three types of components: (1) horizontal slab strip, including any beams
spanning in the direction of the frame, (2) columns or other vertical supporting members,
and (3) torsional members transferring moment between slab and column.
The equivalent frame model was originally developed for two-way slab system
carrying gravity load only. To consider the load-transfer behavior of two-way slab systems
under lateral loading, some scholars (Vanderbilt, 1979 and Park et al., 2009) proposed
modified equivalent frame models to account for combined gravity and lateral loading.

Effective Beam Width Model

The effective beam width model, also called effective slab width model, was
initially developed for analyzing slab-column frames subjected to static lateral loading
(Pecknold, 1975). The column is modeled in a conventional manner and the slab is
modeled as a beam with original slab thickness; however, the beam width is obtained based
on equivalent elastic stiffness of slab-column connections so that the simulated column has
the same amount of rotation as that of an actual column.
Based on the test results of 40 interior slab-column connections, Luo and Durrani
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(1995) proposed a 2D effective beam width model for seismic analysis of reinforced
concrete flat plate buildings. The effective beam width is a varied value which is calculated
as a function of column and slab aspect ratio and the magnitude of applied gravity load.
This proposed model was validated by comparing the calculated and measured responses
of two-bay continuous flat plate subassemblies under seismic type loading. One of the
advantages of this model is that the strength and stiffness of the equivalent beams are
defined based on the same effective slab width.
Hwang and Moehle (2000a, 2000b) conducted a test on a 2/5 scale nine-panel flat
plate specimen subjected to a service level gravity and a monotonically applied lateral load.
To use the effective beam width model in a linear elastic analysis in the seismic design of
flat plate, a lower bound stiffness of equivalent beam was determined based on test data as
1/3 of its elastic value. A lower bound stiffness of the transverse torsion member for using
the equivalent frame method was determined also as 1/3 of the elastic value.
It must be noted that the existing equivalent frame effective beam width models
essentially reduce a 3D flat plate system to a series of 2D planar frames subjected to gravity
or lateral loading. The model approaches, such as the definitions for the strength and
stiffness of framing components, were calibrated from the experiments of flat plates
dominated either by gravity or lateral loading. These loading scenarios are far different
from that of losing a vertical supporting component. The 2D nature of the equivalent frame
model and the effective beam width model cannot effectively simulate the gravity load
redistribution over floor slabs caused by the removal of a bearing column in the
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progressive analyses of flat plate buildings.

Beam Analogy Model

Hawkins and Corley (1971) proposed a beam analogy model to predict the stiffness,
strength, ductility, and energy dissipation characteristics of flat plate structures subjected to
earthquake loading. In this model, the slab was taken as short beams attached to the column.
Each short beam was assigned with stiffness, strength and hysteretic characteristics
associated with flexure, shear and torsion according to existing models for reinforced
concrete components. This model was further improved by Akiyama and Hawkins (1984),
as shown in Figure 1.13. More general capabilities were built into the model by making the
elements of the model satisfy accepted reinforced concrete constitutive relationship, as
well as equilibrium and compatibility at the connection. Laboratory tests of flat plate

Figure 1.13 Beam analogy model by Akiyama and Hawkins (1984).
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sub-assemblage and frame specimens were used to calibrate the model. A simplified form
was also developed and used to predict the time history responses of a building under
strong ground motions. Similar to the reasons for the equivalent frame model and the
effective beam width model, the beam analogy also cannot be used for the progressive
collapse analyses of flat plates.

Grid Model

Sheu and Hawkins (1980) developed a grid model to predict the nonlinear response
of slab-column connections transferring unbalanced moment induced by either monotonic
or cyclic lateral loading. The slab was replaced by orthogonally crossing beams and
bond-slip effect was considered. Coronelli (2010) proposed a grid model for monotonic
loading analyses of flat plates. The model defined concentrated plastic hinges at the ends of
the grid beams to simulate the inelastic response of flexure, shear and torsion. Tian et al.
(2012) recommended a grid model to simulate the nonlinear response of slab-column
connections. The model, along with the punching failure criterion suggested by Muttoni
(2008), was validated against the tests of 12 large-scale isolated slab-column connections
under concentric gravity loads, unevenly distributed gravity loads, and combined gravity
and cyclic lateral loading. Even though grid beam model requires considerable modeling
efforts, it has the potential of application in the progressive collapse analyses of flat plate
systems; however, all the available grid models cannot effectively capture the beneficial
effects of compressive membrane action on the load-carrying capacity of flat plates.

24

Figure 1.14 Grid beam model proposed by Tian et al. (2012).

1.4.5 Research on progressive collapse of structures

Research on progressive collapse was initiated by the collapse of the Ronan Point
building in UK in 1968. The terrorist attack on the Murrah Federal building in 1995 and the
World Trade Center twin towers in 2001 drew highly elevated attentions on the large-scale
collapse of structures caused by losing one or more vertical components during an
abnormal event not considered in normal designs. To date, very limited experimental data
exist as the basis for assessing the resistance of a structure to progressive collapse. In this
section, some experimental and analytical studies of the progressive collapse resistance of
reinforced concrete structures are briefly reviewed.

1.4.5.1 Experimental studies on progressive collapse
Sasani et al. (2007, 2008a)

Sasani et al. (2007) conducted an in-place test of a reinforced concrete building
with one-way floor slabs supported by transverse frames. The structural response
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following the removal of an exterior bearing column in the first story by explosion was
measured. Sasani et al. (2008a) similarly examined the dynamic response and the potential
of progressive collapse of another reinforced concrete frame building where one corner
column and one adjacent exterior column were simultaneously demolished by explosion.
Although the two buildings had deficiency in structural integrity as required by the current
building design codes, no progressive collapse occurred. The authors concluded that
vierendeel action is the primary load redistribution mechanism and played an important
role in limiting the deformation of the system.

Yi et al. (2008, 2011)

Yi et al. (2008, 2011) conducted static push-down tests to investigate the
progressive collapse behavior of a RC frame and a RC flat plate structure. A four-bay
three-story RC frame at 1/3-scale was loaded on the top of the middle column in top story
(Yi et al., 2008). The failure of the middle column at the first story was simulated by
unloading a mechanical jacking system. Catenary action of frame beams was observed
when the displacement was sufficiently large. A similar push-down test was conducted on a
reduced-scale one-story flat plate structure. The cracking pattern and final damaged state
was recorded.

Su et al. (2009)

Su et al. (2009) experimentally investigated the resistance of axially restrained RC
beams against progressive collapse and the critical parameters affecting compressive arch
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action. Figure 1.15 shows the test setup. It was observed that “the horizontal reaction
forces were generally negligible during the initial loading but increased notably after
flexural cracking occurred at both mid-span and supports, indicating the onset of
compressive arch action”. The tests indicated that the effects of compressive arch action
increased with decreased beam span-to-depth ratio and decreased flexural reinforcement
ratio. The compressive arch action resulting from axial restraint contributed 50 to 160%
extra loading capacity beyond the capacity estimated without considering axial
restraining forces.

Figure 1.15 Test setup for beam arch action (Su et al., 2009).

Qian and Li (2012, 2013a, 2013b)

Qian and Li (2012, 2013a, 2013b) conducted a series of experiments on
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reinforced concrete substructures following the loss of a corner column. As illustrated in
Figure 1.16, a test setup was designed to simulate the partially restrained rotational and
horizontal degree of freedoms due to 3D vierendeel action for the corner column. Using
this test setup, Qian and Li conducted a series of tests on typical corner panel in an
intermediate story of a reinforced concrete structure.

Figure 1.16 Tests for simulating losing a corner column (Qian and Li, 2012, 2013a, and 2013b).

Traditionally, the slab is ignored or simplified as the flange of T-section beams in
the design and analysis of RC frame structures. To investigate the slab effect on the
structural vertical load capacity, Qian and Li (2012) tested six 1/3 scale corner
subassemblies (three without slabs and three having slabs). Experimental results
indicated that the presence of slabs increased in average the ultimate load-carrying
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capacity by 51.7%.
Qian and Li (2013a) also carried out the tests on six 1/3 scale corner panels
extracted from a RC flat slab structure to quantify the contribution of the drop panel to
the progressive collapse resistance. Of the six specimens, three were designed with drop
panels while the other three were not. To partially simulate the influence of the continuity
of the slabs in an actual structure, the slab was extended beyond the support by
one-fourth of the span in both directions. It was observed that drop panels significantly
mitigated the likelihood of connection punching failure and, as a matter of fact, no
punching shear cracks were observed. With drop panels, the punching shear capacity was
increased by up to 124.7%.
Qian and Li (2013b) further tested seven 1/3 scale RC beam-column corner
assemblies with varied beam transverse reinforcement ratios, seismic design detailing,
beam span lengths and span aspect ratios. It was found that the effect of transverse
reinforcement ratio in the plastic hinge region for ultimate capacity was limited but
seismic detailing could increase the ultimate capacity by 41.5%. Structures with longer
design span lengths exhibited a higher vulnerability to progressive collapse compared to
the structures with shorter span lengths. It was also suggested that catenary action should
not be considered in the practical design for buildings to resist progressive collapse
caused by losing corner columns.

29

1.4.5.2 Analytical studies for progressive collapse

Considerable numerical studies have been carried out to investigate structural
performance following the loss of one or more load-bearing elements. Tsai and Lin (2008)
compared linear static, nonlinear static and nonlinear dynamic analyses to determine the
force-based dynamic amplification factor (DAF). It was concluded that DAF decreases
with increased inelastic displacement demand and the conventional DAF of 2.0 correct
only for a linear elastic system, was a conservative estimation in a progressive collapse
analysis. Efforts have also been made to the collapse resistance of moment-resisting
frames with various seismic connections by Kim et al. (2009) and the development of
simplified nonlinear static approaches by Marchand et al. (2009). These studies examined
some provisions in GSA (2003) and DoD (2005), the earlier guidelines for progressive
collapse prevention. Insights gained from these studies have resulted in the improved
design criteria in the latest version of DoD (2009).
Sasani et al. (2008b) numerically examined the progressive collapse potential of
two RC frame buildings designed to resist different levels of lateral loads. It was found that,
in the building model designed to resist lower lateral load, more plastic hinges were formed
due to larger deformation demand. The load-displacement relationship of the multistory
building was simplified into the response of a nonlinear single-degree-of-freedom (SDOF)
system subjected to step loading. However, the applicability of this simplified approach
was not further examined.
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Micro-modeling approach uses highly refined elements to simulate nonlinear
material behavior, but involves tremendous efforts and cost for computations. In contrast,
macro model, which is more suitable for system-level simulations, utilizes a combination
of shells, beams, columns, and discrete spring elements. Bao et al. (2008) proposed a 2D
macromodel-based simulation of progressive collapse of RC frame structures. Typical
beam-column joints were idealized as spring-assembly, as shown in Figure 1.17, through
which moment, shear and axial force can be transferred and joints of different seismic
design can be simulated. It was concluded that, due to enhanced section stiffness, strength
and detailing requirements, reinforced concrete frames designed in the region of higher
seismicity is less vulnerable to progressive collapse than those designed in the region of
low seismicity.

Figure 1.17 Macro model for beam-column joint (Bao et al., 2008).

To study the effectiveness of simplified 2D planar model and macro modeling
approach for progressive collapse analysis, Alashker (2011) performed analyses on four
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types of numerical models (reduced 2D model, reduced 3D model, detailed 2D model
and detailed 3D model). The comparison between test data and simulations indicated that,
the authors concluded that, because the effect of the slab is not accounted for, 2D planar
models tend to overestimate deformation demand and force redistribution. It was
suggested that a full 3D analysis, regardless of its computational cost, may be the only
appropriate approach to rigorously evaluate the robustness of a structural system.

1.4.5.3 DoD Guidelines for progressive collapse analysis and design

Progressive collapse caused by unforeseeable abnormal loading events is not a
normal design consideration in ASCE 7 (2010). Thus specific guideline (DoD, 2009) has
been issued to reduce the potential of progressive collapse for new and existing buildings.
General approaches for structural designs against progressive collapse can be
classified into Indirect Design and Direct Design (DoD, 2009). Indirect Design implicitly
considers the resistance of a structure to progressive collapse through the provisions of
minimum levels of strength, continuity, and ductility. DoD (2009) provides detailed
requirements through Tie Force method for Indirect Design. Horizontal ties including
longitudinal, transverse and peripheral for floor system and vertical ties for columns and
load-bearing walls are required in the Tie Force method. This method is intended to
enhance the structural integrity by developing tensile strength of the members and
connections.
Direct Design explicitly considers structural resistance to progressive collapse

32

through two methods: Enhanced Local Resistance Method and Alternate Path Method. In
the Enhanced Local Resistance Method, critical elements such as perimeter building
columns and load-bearing walls are designed robust enough to resist a given blast or
impact loading. This method reduces the likelihood or extent of the initial damage, which
in turn mitigate the occurrence of progressive collapse. As a threat-independent method,
Alternate Path Method examines the potential of progressive collapse by notionally
removing one or more loading-bearing elements. The minimum requirement is that a
building shall withstand such a local failure by developing alternative paths for load
redistribution. Three analysis procedures are employed: Linear Static Procedure (LSP),
Nonlinear Static Procedure (NSP) and Nonlinear Dynamic Procedure (NDP). LSP is only
applicable to structures having regular geometry. For NSP, appropriate dynamic increase
factor (DIF) shall be selected to account for dynamic effects. NDP is the most
sophisticated method for a progressive collapse analysis, but is most computationally
expensive.

1.5 Research Methodology and Tasks

Finite element method (FEM) is extensively used in research and because of its
low cost and time efficiency compared to large scale experiments. However, the
reliability of numerical simulation for a complex problem, such as the nonlinear dynamic
progressive collapse, depends highly on the models established by an analyst including
specific nonlinear modeling parameters and solution procedures. This study numerically
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investigates the potential of progressive collapse of older flat plates by developing
mechanical models calibrated and validated by a wide range of experiments of
slab-column subassemblies.
The present research follows the stages shown in Figure 1.18. In the first stage,
appropriate element type and material constitutive model is selected. Since the numerical
solution can be sensitive to the nonlinear modeling parameters, the second stage
determines nonlinear parameters through the experimental results of slab-column
connections under concentric gravity loading, pure torsion, and unevenly distributed
gravity loads that cause unbalanced moment. The deficiencies of using shell model alone
are discussed. To overcome these deficiencies and to simulate the separation of slab from
column upon a punching shear failure, a macro modeling approach is developed in Stage
3. In Stage 4 the performance of older flat plate buildings against progressive collapse is
evaluated using the proposed macro model. In Stage 5, an energy-based nonlinear static
push-down procedure is proposed as a simplified analysis approach. Using the macro
model, parametric studies are also conducted on flat plate buildings with varied design
parameters to obtain further understanding of the progressive collapse potential of flat
plates.
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Figure 1.18 Research methodology and procedure.
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Stage 4

Stage 5

CHAPTER 2
MODELING SLAB-COLUMN CONNECTIONS USING SHELL ELEMENTS

In this chapter, appropriate finite element type for simulating reinforced concrete
slabs and material constitutive models are selected. Then the modeling parameters for
concrete tension are calibrated through experiments of slab-column connections under
concentric gravity loading. The applicability and deficiency of using shell elements for
other loading conditions are examined.

2.1 Selection of Element Type for Slabs

Finite element software package ABAQUS (2010), featured with a broad range of
material and element library, offers powerful and reliable solvers for highly nonlinear
problems. Hence ABAQUS is chosen as a modeling and analysis platform for the
numerical study of flat plates resisting progressive collapse.
Due to the high computational cost of a system-level progressive collapse analysis,
solid elements are excluded in this study. Since the thickness of floor slabs is small
compared to the other two dimensions, the slabs are modeled using shell elements to
reduce the cost of analyses. Another advantage of using shell elements is that they may
effectively simulate the effects of both compressive and tensile membrane actions
actually existing in a two-way slab system. Thin shell theory assumes that (1) the strain in
the shell normal direction is small enough to be neglected, (2) the in-plane deformation
components are linearly distributed across the thickness, and (3) the shear strains which
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cause the distortions of the normals to the middle surface can be neglected.
Different from thin shells, thick shell takes into account the transverse shear
deformation. Due to the considerable slab deformation associated with large geometric
and material nonlinearity in a progressive collapse analysis, the applicability of both thin
and thick shells for flat plates is examined by simulating experiments. For this purpose,
two isolated slab-column connection specimens, B-2 and B-4, tested under concentric
gravity load by Elstner and Hognestad (1956) are used as benchmark. Except for the type
of shell elements, identical nonlinear material properties (discussed with details in
Section 2.2) are defined in the numerical simulations. Figure 2.1 shows the simulation
results against test results. As seen in this figure, negligible difference exists between the
simulations using thin and thick elements. The detailed theory for thin shell elements can
be found in Section 3.6.5 of the ABAQUS 6.10 Theory Manual (ABAQUS, 2010).
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60

B-2

50
40
30
20

Test
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0
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0.5

1

1.5

Deflection (in.)

Figure 2.1 Comparison of using thin and thick shell elements to simulate slab-column connections.

37

Note that thick shell element involves twice as much computational time as thin
shell element model. In addition, even though thick shell element accounts for large
rotations, it can only be used for small strains because thick shell elements are subjected
to shear locking when a structural member such as a slab is thin (Cook et al., 2001).
Using thick shells also causes rank deficiency and leads to singularity of global stiffness
matrix (Parisch, 1979). Therefore, the 4-node thin shell element with reduced integration
and hourglass control (Belytschko et al., 1984) is selected in this study.

2.2 Material property
2.2.1 Modeling of Steel

Slab flexural reinforcement is modeled as uniaxial material. As described in
Section 1.4.2, the ultimate strength and nonlinear deformation of a slab-column
connection depend heavily on the inelastic properties of reinforcement. A bilinear
stress-strain response (Figure 2.2) is assumed for reinforcing steel by specifying yield
stress f y , yield strain ε y , ultimate strain ε u and strain hardening ratio α . As indicated by
Wang (2006) and Nilson (2003), strain hardening begins at about 0.012 to 0.02 for Grade
40 steel and as low as 0.004 for Grade 60 steel. The ultimate strain reaches up to 0.2
(Grade 40) and 0.12 (Grade 60) and strain hardening ratio ranges from 0.8% to 4.5%. If
these parameters for a specific test are not reported, simplified material models have to be
applied. Through the calibration in Section 2.3, a bilinear stress-strain curve (Figure 2.2)
with a 1% strain hardening ratio for Grade 60 or higher strength steel is assumed.
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Figure 2.2 Bilinear stress-strain response assumed for reinforcing steel.

Reinforcing bars can be defined as either discrete or distributed in a FE model for
RC components. In the discrete approach, the reinforcing bars are explicitly modeled using
truss elements compatible with the surrounding elements for concrete. The discrete
approach is computationally expensive for a system-level analysis. For the distributed
approach, reinforcement is defined as a rebar layer based on the cross-sectional area of
each rebar, spacing, location, and orientation with respect to a local coordinate system. To
reduce computational cost, the distributed approach is adopted in the current study.

2.2.2 Modeling of Concrete
2.2.2.1 Uniaxial behavior of concrete
Concrete in tension

For plain concrete, its tensile strength is reduced to zero after cracking. For RC
components, however, the concrete between cracks can carry some limited tensile load

39

through the bond with reinforcement, a phenomenon known as tension stiffening. Figure
2.3 compares the contribution of tension stiffening to tensile capacity of RC member with
good bond (high tension stiffening), poor bond (low tension stiffening), and steel alone (no
tension stiffening). It is seen that tension stiffening is more pronounced in lightly
reinforced concrete members such as slabs.

Figure 2.3 Effect of tension stiffening (Massicotte et al., 1990).

Because concrete tensile strength affects the flexural stiffness and compressive
membrane action of slabs, tension stiffening of concrete is considered in this study.
Concrete tension stiffening is normally defined as a descending stress-strain branch after
cracking. A number of studies have been carried out to evaluate the effects of tension
stiffening based on tensile tests of specimens (Gilbert and Warner, 1978; Massicotte et.al.,
1990; Prakhya and Morley 1990; and Torres, 2004) or fracture energy method (Hilleborg,
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1982 and Bazant and Oh, 1984). Some proposed models for tension stiffening behavior,

Concrete tensile stress after cracking

with either a linear or nonlinear post-cracking descending branch, are shown in Figure 2.4.

Torres
Massicotte
Kaklauskas
Prakhya

Strain beyound cracking

Figure 2.4 Tension stiffening models (Torres, 2004; Massicotte, 1990; Kaklauskas, 2001; and
Prakhya, 1990).

A bilinear concrete tensile curve in Figure 2.4, which is simple but can still
produce desirable simulations (such as the simulation results shown in Figure 2.1), is
adopted in this study. Young’s modulus is evaluated based on ACI 318-11 (2011). As
shown in Figure 2.4, the linear descending branch is defined by means of two parameters,

α1 and α 2 , to describe the post-cracking behavior. α1 is the ratio of assumed tensile
stress to cracking stress and α 2 is the ratio of strain when stress degrades to zero to that
at peak stress. The appropriate values of α1 and α 2 are calibrated in Section 2.3.1 using
experimental data.
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Concrete in compression

Concrete compressive behavior is usually obtained from the tests of cylinders or
cubes loaded in a rather slow manner. The stress-strain curve goes up to a strain of around
0.002 when the maximum stress is reached, and then decreases almost linearly. The
stress-strain relationship suggested by Hognestad (1951), a widely accepted model to
define the uniaxial compressive behavior of concrete, is employed in this study. This model,
together with that for concrete tension stiffening, is shown in Figure 2.5.

linear

Stress

Concrete uniaxial compression
(Hognestad, 1951)
tension stiffening

Strain

Figure 2.5 Modeling of uniaxial stress-strain relationship of concrete.

2.2.2.2 Concrete triaxial behavior

A variety of concrete constitutive models (Bazant, 1983, Cedolin et al., 1977, Chen,
1982, and Lubliner, 1989) have been proposed to describe the triaxial behavior of concrete.
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Of these models, the plastic types of model, such as concrete smeared cracking and
concrete damaged plasticity models achieved broadest applications. The concrete damaged
plasticity model is adopted in this study. The fundamental and advantages of this model are
briefly presented herein.
The damaged plasticity model uses the Drucker-Prager type yield function
proposed by Lubliner et al. (1989). Lee and Fenves (1998) made modifications by
considering the evolution of strength characteristics under tension and compression. This
modified model also incorporated a set of scalar damage parameters to represent
degradation of stiffness with plastic deformations. The compression yield surface is
defined by

F (σ , ε~ pl ) =

1
(q − 3αp + β (ε~ pl ) σˆ max − γ − σˆ max ) − σ c (ε~ pl )
1−α

where α =

σ (ε~ pl )
3(1 − K c )
σ b0 − σ c 0
, β (ε~ pl ) = c ~ pl (1 − α ) − (1 + α ) , γ =
, σ is effective
σ t (ε )
2σ b 0 − σ c 0
2Kc − 1

Equation 2.1

stress, ε~ pl is equivalent plastic strain, p is the effective hydrostatic pressure, q is the
Mises equivalent effective stress, σ t and σ c are effective tensile and compressive
cohesion stresses, σˆ max is the algebraically maximum eigenvalue of σ c , σ b 0 is the initial
equibiaxial compressive yield stress, σ c 0 is the initial uniaxial compressive yield stress,
and K c is the ratio of the second stress invariant on the tensile meridian. The flow rule is
defined in Equation 2.2.
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γε& pl = λ&

∂G (σ )
∂σ

Equation 2.2

where λ& is the nonnegative plastic multiplier and G is flow potential non-associated with
yield criterion.
The damaged plasticity model is characterized with the damaged variables that
account for the stiffness degradation associated with concrete cracking and crushing. It
takes the following form:

e
σ ij = (1 − d ) Dijkl
(ε ij − ε ijp )

Equation 2.3

where σ ij is the stress tensor, ε ij and ε ijp are the total strain tensor and plastic strain
e
tensor, Dijkl
is the initial elasticity matrix and d is the damage variable, which ranges from

zero (undamaged material) to one (fully damaged material). The advantages of concrete
damaged plasticity over concrete smeared cracking are as follows:
(1) Non-associated flow rule used in damaged plasticity is more suitable for concrete.
The associated flow rule used in smeared cracking model is suitable for many metals,
but lead to an exaggerative volume expansion for concrete (Chen, 1982).
(2) Concrete damaged plasticity model was developed to provide a general capability for
the analysis of concrete structures under cyclic and/or dynamic loading. With the
material rate-dependent property, it is capable of implementing rate-sensitivity
analysis under fast loading. While the concrete smeared cracking model is mainly
applicable to static monotonic loading.
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(3) Concrete damaged plasticity is applicable to both implicit and explicit algorithms.
The latter is a powerful tool to overcome divergence problem in a dynamic analysis.
Therefore, the concrete damaged plasticity model is employed for progressive
collapse analyses in the current study. Other property parameters for concrete biaxial and
triaxial behavior from classical test are recommended. The dilation angle was taken as 30
for low to moderate confined concrete (Mercan et al., 2010). The ratio of initial equibiaxial
compressive yield stress to initial uniaxial compressive yield stress is 1.16 to define the
yield surface, and a value of 0.667 for the ratio of the second stress invariant on the tensile
meridian to that on the compressive meridian are used. The Possion’s ratio of concrete is
taken as 0.2.

2.2.3 Strain rate effects

The material properties presented in the previous sections were derived from static
loading conditions, in which the rate of straining was as low as 10-5 /sec. Many materials
exhibit a higher strength under fast loading. When a flat plate structure is subjected to the
instantaneous removal of a load-bearing component, the strain rate effect could have
significant influence on its stiffness and strength. From the on-site test of a 10-story RC
frame building subjected to sudden removal of an exterior column (Sasani et al., 2007), the
measured strain (Figure 2.6) in the concrete floor of upper levels can be translated into
strain rates ranging from 0.005 to 0.05 /sec.
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Figure 2.6 Strain rate in concrete floor measured from an on-site test (Sasani et al., 2007).

2.2.3.1 Strain rate effects on reinforcing steel

Material strength enhancement due to strain rate is usually expressed in the form of
a dynamic increase factor (DIF) (Malvar, 1998a; CEB, 1993) defined as the ratio of the
dynamic to static yield (or ultimate) stress. Malvar (1998a) reviewed static and dynamic
tests of commonly used reinforcing bars and concluded that the DIF is an approximately
linear function of strain rate on a semi-logarithmic scale, as shown in Figure 2.7. This
figure is adopted in the current study to define the DIF for the strength enhancement of
reinforcing steel. For Grade 60 steel subjected to a strain rate of 0.005 to 0.05/sec measured
in the on-site test by Sasani et al. (2007), the enhancement of yield strength and ultimate
strength ranges from 1.1 to 1.2 and 1.02 to 1.05, respectively. The effect of strain rate on
the stiffness of steel is neglected because it was found by Soroushian et al. (1987) that the
steel modulus of elasticity was not significantly influenced by strain rate, and the strains at
yielding and ultimate stress either slightly increased or unchanged.
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Figure 2.7 Strain rate effect on yield strength of reinforcing steel (Malvar, 1998a).

2.2.3.2 Strain rate effect on concrete compressive behavior

Considerable experimental studies have been carried out on the dynamic properties
of concrete. Since these tests were conducted on specimens with different geometries and
material strengths and different loading approaches, large scatter of test data exists, as
shown in Figure 2.8 (Bischoff and Perry, 1991).
This study considers the formulation in CEB-FIP Model Code (1993) that defines
the DIF for concrete compressive strength as:

DIF = f c , imp / f c = (ε&c / ε&co )1.026α s for ε&c ≤ 30 s −1

Equation 2.4a

DIF = f c ,imp / f c = γ s (ε&c / ε&co )1 / 3 for ε&c > 30 s −1

Equation 2.4b

where f c , imp is impact compressive strength of concrete,

f c is concrete static

compressive strength, ε&c is strain rate, ε&co = −30 × 10−6 s −1 , α s = (5 + 9 f c / f cmo ) −1 , fcmo =
10 MPa or 1.45 ksi, and log γ s = 6.156α s − 2 .
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Figure 2.8 Strain rate effect on concrete compressive strength (Bischoff and Perry, 1991).

Wakabayshi et al. (1980) observed that there was a slight increase in the concrete
Young’s modulus Ec with an increase in strain rate and the strain ε p at maximum stress is
affected little by high strain rate. Therefore, the effect of strain rate on concrete Young’s
modulus is not considered. For concrete with a strength of f c′ = 4000 psi under the strain
rate measured in the test by Sasani et al. (2007), the enhancement of concrete compressive
strength ranges from 1.23 to 1.35 according to Equation 2.4.

2.2.3.3 Strain rate effect on concrete tensile behavior

Through a regression analysis of test data (Figure 2.9), CEB-FIP Model Code
(1993) recommended Equation 2.5 for DIF of concrete in tension. This equation is adopted
in this study. Based on this equation, the enhancement of tensile strength ranges from 1.32
to 1.45 for concrete having f c′ = 4000 psi and a strain rate measured in the on-site test by
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Sasani et al. (2007).

DIF = f t ,imp / f t = (ε&ct / ε&cto )1.016δ s for ε&ct ≤ 30 s −1

Equation 2.5(a)

DIF = f t ,imp / f t = β s (ε&ct / ε&cto )1 / 3 for ε&c > 30 s −1

Equation 2.5(b)

where f t is concrete tensile strength, f t , imp is impact tensile strength, ε&ct is strain rate,

ε&cto = 3 × 10−6 s −1 , δ s = (10 + 6 f c / f cmo ) −1 , and log β s = 7.112α s − 2.33 .

Figure 2.9 Strain rate effect on concrete tensile strength summarized by Malvar (1998b).

Note that, close to the end of this study, the CEB-FIP Model Code 2010 (2012) was
updated. Equations 2.4 and 2.5 were slightly modified likely to also accommodate strain
rate effects on high strength concrete (Zhang, 2014). Since only normal strength concrete is
considered in this study for older flat plates, Equations 2.4 and 2.5 recommended by
CEB-FIP Model Code 1990 (1993) are adopted for strain rate effects on concrete strength.
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2.3 Simulation of Isolated Slab-Column Connections

Research on modeling flat plates using shell elements has been primarily limited to
slab-column connections under concentric loading (Marzouk and Chen, 1993 and Polak,
1998). However, the removal of a load-bearing column in a flat plate results in extra
bending moment, shear and torsion at the neighboring slab-column connections where
punching failures may occur. The load redistribution causes unevenly distributed internal
forces at these connections. Thus, experiments of isolated slab-column connections under
three types of loading conditions are simulated to calibrate and examine FE models.
Thin shell element (S4R) with reduced integration and hourglass control is
employed to simulate the concrete slab. The slab-column joint region is modeled as a rigid
zone with much enhanced section stiffness. Slab reinforcement is modeled by rebar layer
based on actual bar area and spacing. Boundary conditions consistent with those used in
the experiments are applied in the modeling. Full Newton static solver is utilized with
consideration of geometric nonlinearity. To achieve convergent simulation, the initial and
minimum time increments are set as 10-2 and 10-5, respectively.

2.3.1 Simulation of slab-column connections under concentric gravity loading

Experiments performed on slab-column connections under concentric gravity
loading are simulated using the material models described in Section 2.2. Concentric
gravity loading causes only flexure and shear in the slab at the vicinity of column. The
objectives of the simulations are to (1) calibrate the values of α1 and α 2 defining concrete
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tension stiffening behavior, and (2) examine the appropriateness of using shell elements
and rebar layer approach to simulate the flexural response of slabs.
A total of ten experiments carried out by Elstner and Hognestad (1956), Broms
(2000), and Guandalini et al. (2000) are simulated. Table 2.1 gives the properties of the
specimens that have a relatively wide range of strength of materials, reinforcement ratios,
and geometries. Due to the large variation in the strength of reinforcing bars, a normalized
slab reinforcement ratio defined as ρ n = ρf y / 60 ksi is also given in this table, where ρ is
slab tensile reinforcement ratio and fy is steel yield strength. Loading is applied in an
analysis by specifying increasing displacement at the joint center.

Table 2.1 Geometry and material properties of specimens subjected to concentric loading

Specimen

Slab
thickness
(in.)

Effective
depth
(in.)

Column
size
(in.)

f c′

fy

(psi)

(ksi)

ρ
(%)

ρ

fy
60ksi

Specimens tested by Elstner and Hognestad (1956)
A-1c

6

4.63

10

4210

48.2

1.15

0.92

A-4

6

4.63

14

3790

48.2

1.15

0.92

A-13

6

4.75

14

3800

42.6

0.55

0.39

B-1

6

4.5

10

2060

47.0

0.50

0.39

B-2

6

4.5

10

6900

46.5

0.50

0.39

B-4

6

4.5

10

6920

44.0

0.99

0.73

0.5

0.62

Specimens tested by Broms (2000)
9a

7

5.9

9.8

3045

74.0

Specimen tested by Guandalini et al. (2009)
PG-2b

9.8

8.3

10.2

5870

80.1

0.25

0.33

PG-5

9.8

8.3

10.2

4250

80.5

0.33

0.44

PG-11

9.8

8.3

10.2

4570

82.7

0.75

1.03
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It is found that the numerical simulation of a slab-column connection is sensitive
to concrete tensile behavior. Tension stiffening is mostly influenced by (1) concrete
strength and elastic modulus, (2) reinforcement ratio, (3) rebar size, spacing and surface
condition, and (4) thickness of concrete cover. As mentioned previously, linear strength
degradation is assumed in this study for concrete in tension and two parameters, α1 and

α 2 , need to be defined for concrete tension stiffening behavior. Based on the studies by
Kaklauskas and Ghaboussi (2001) and Stramandinoli and LaRovere (2008), α1
generally ranges from 0.1 to 0.6 and α 2 ranges from 5 to 25. For typical floor slabs
constructed with normal strength concrete and reinforcing steel and designed following the
ACI 318 codes (1971) detailing requirements regarding the size of concrete cover and
rebar spacing, the variation in the values of α1 and α 2 can be narrowed down.
Specimens B-1 and B-4 in Table 2.1 are used as benchmark to calibrate the
appropriate values of α1 and α 2 . Figures 2.10 and 2.11 show as example the effects of
values of α1 and α 2 on the load-deflection response of these two specimens. In Figure
2.10, α 2 is equal to 20 but α1 is defined as 0.2, 0.3 and 0.4, respectively. In Figure 2.11,

α1 is fixed at 0.2 but α 2 has different values of 10, 20, and 30. Based on calibration,
α1 = 0.2 and α 2 = 20 are chosen and consistently used in modeling other slab-column
connections as well as flat plate systems in this study.
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Figure 2.10 Effects of α1 on load-deflection response: (a) Specimen B-1 and (b) Specimen B-4.
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Figure 2.11 Effects of α2 on load-deflection response: (a) Specimen B-1 and (b) Specimen B-4.

The calibrated tension stiffening model is further applied to the remaining eight
specimens in Table 2.1. Figures 2.12 through 2.15 show the load-deflection response
obtained from tests and simulations. It is seen that, using the modeling approach described
in Section 2.2 and the calibrated concrete tension stiffening model, the simulation results
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agree well with those obtained from the experiments.
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Figure 2.12 Predicted vs. measured load-deflection response (Specimens A-1c and B-2).
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Figure 2.13 Predicted vs. measured load-deflection response (Specimens A-4 and A-13).
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Figure 2.14 Predicted vs. measured load-deflection response (Specimen 9a).
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Figure 2.15 Predicted vs. measured load-deflection response (Specimens PG-2b, PG-5 and
PG-11).
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In addition to the overall behavior of slab-column connections represented by
load-deflection response, the slab deflection profile is also examined. Figure 2.16a shows
the deflection profile along a center line of slab surface measured in a test carried out by
Guandalini et al. (2009). As seen in this figure, because plastic deformation of slab was
concentrated at the vicinity of column, the slab outside this region deformed almost as a
rigid body and rotated about critical section. This observed deformation characteristic is
well predicted by the numerical simulation shown in Figure 2.16b, which shows the
deformation shape of half slab identified from FE analysis.

(a)

(b)
Figure 2.16 Slab deflection profile: (a) experimental result (Guandalini et al., 2009) and (b)
simulation result.
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In order to further examine the effectiveness of FE modeling, the yielding pattern
of slab obtained from analysis is compared with that from experiment. For Specimens
B-2 and B-4 (Elstner and Hognestad, 1956), the simulated rebar forces of slab top
reinforcement in two orthogonal directions are give in Figures 2.17 and 2.18. Based on
bar size and reported yield stress (see Table 2.1), the rebar yielding forces are determined
as 9.34 kips (B-2) and 13.64 kips (B-4).

Figure 2.17 Rebar forces of slab top reinforcement for Specimen B-2 (unit: lbf).
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Figure 2.18 Rebar forces of slab top reinforcement for Specimen B-4 (unit: lbf).

The analyses indicated that a specimen with low reinforcement ratio tends to have
wide spread of yielding in slab, which agrees well with the observation made in the test
by Criswell (1974). The dashed lines in Figures 2.17 and 2.18 indicate the predicted yield
lines. Figure 2.19 shows the distribution of wide cracks, which were observed in the
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Specimen B-14 tested by Elstner and Hognestad (1956) and theoretical yield lines. By
overlapping Figures 2.18a and 2.18b, it is seen that the predicted yielding pattern of slab
agrees well with the slab crack pattern as well as theoretical yield lines.

(a) crack pattern

(b) theoretical yield lines

Figure 2.19 Crack pattern and theoretical yield lines (Elstner and Hognestad, 1956).

2.3.2 Simulation of slab-column connections under pure torsion

To examine the effectiveness of the previously described FE model to simulate
slab-column connections under unsymmetrical loading, four experiments (Table 2.2)
performed by Kanoh and Yoshizaki (1979) on slab-column connections (Figure 1.11)
subjected to torsional loading are simulated. Only torsion existed at slab-column interface
area where failure was observed in the tests. These specimens had identical concrete
strength of f c′ = 3730 psi , steel yield strength of f y = 54.7 ksi , 7.9in. square column and
slab thickness of 3.9 in.; however, they have different slab widths and reinforcement ratios.
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Table 2.2 Geometry and material properties of tests by Kanoh and Yoshizaki (1979)
Reinforcement
Reinforcement
ratio ρ at column strip ratio ρ at middle strip

Specimen

Slab width (in.)

T-2

31.5

0.98%

0.49%

T-3

31.5

2.00%

0.49%

T-7

23.6

0.98%

0.74%

T-8

15.7

0.98%

1.50%

The modeling approach for specimens under concentric gravity load in Section
2.3.1 is consistently used herein for the specimens subjected to torsion. Figures 2.20 and
2.21 compare the measured and the simulated torque versus twist angle responses. It can
be seen that (1) the FE shell models give good prediction of slab torsional behavior only at
the early loading stage; (2) the strength is much overestimated and the severe stiffness
degradation beyond a slab rotation of 0.007 rad. cannot be simulated.
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Figure 2.20 Predicted vs. measured torque-twist response (Specimens T-2 and T-3).
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Figure 2.21 Predicted vs. measured torque-twist response (Specimens T-7 and T-8).

Since the behavior of slab under concentric gravity load can be accurately
predicted, the discrepancy between the simulations and the tests is primary caused by the
inaccuracy of simulating torsion that leads to varying vertical shear stress in slab along
column face. Such a deficiency is likely attributed to the constant shear stiffness assumed
for shell elements. This type of shell element “computes the transverse shear stiffness
only once at the beginning of the analysis based on initial elastic properties given in the
model data. Any changes to the transverse shear stiffness that occur due to changes in the
material stiffness during the analysis are ignored” (ABAQUS, 2010).

2.3.3 Simulation for slab-column connections under uneven gravity loading

The overestimation of torsional resistance using shell elements can be further
evidenced by simulating slab-column connections subjected unevenly distributed gravity
loads, which causes not only shear and bending moment but also torsion in slab nearby the
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column. The tests of six slab-column specimens conducted by Hawkins et al. (1989) are
simulated. The testing scheme is shown in Figure 1.12. These specimens had varied
reinforcement ratios and moment to shear ratios (M/V). The reported properties of these
specimens are shown in Table 2.3. Since the loads were applied in a test in such a way that
a target M/V ratio was maintained, load-driven analyses are performed in the simulations.

Table 2.3 Geometry and material properties for tests by Hawkins et al. (1989)
Specimen

f c′ (psi)

fy (ksi)
top/bottom bars

Slab effective Top bar reinf. M/V
ratio ρ
depth (in.)
(in.)

6AH

4550

68.5/67.0

4.75

0.60%

22.7

6AL

3300

68.5/67.0

4.75

0.60%

5.10

9.6AH

4450

60.2/68.5

4.63

0.96%

22.7

9.6AL

4200

60.2/68.5

4.63

0.96%

5.10

14AH

4400

61.0/68.5

4.50

1.40%

22.7

14AL

3920

61.0/68.5

4.50

1.40%

5.10

Figures 2.22 through 2.24 present the predicted and measured responses of total
gravity shear versus the deflection at the midpoint of a slab edge. This edge is located at the
side of a specimen where heavier gravity loads causing unbalanced moment were applied
in the tests. As demonstrated in these figures, the specimens behave much stiffer in
simulations than in experiments. The large discrepancy between the calculated and
measured load-deformation responses can be attributed to the overestimated torsional
resistance by FE simulations.
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Figure 2.22 Predicted vs. measured shear-deflection response (Specimens 6AH and 9.6AH).
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Figure 2.23 Predicted vs. measured shear-deflection response (Specimens 6AL and 9.6AL).
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Figure 2.24 Predicted vs. measured shear-deflection response (Specimens 14AL and 14AH).
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CHAPTER 3
MACRO MODEL FOR FLAT PLATE STRUCTURES

A progressive collapse analysis of a flat plate structure needs to track not only the
nonlinear behavior of slabs prior to the first punching failure at a slab-column connection
but also failure propagation over the entire structure. Therefore, the loss of load-carrying
capacity following a punching failure needs to be effectively simulated. For this purpose, a
macro modeling approach used together with a deformation-based punching failure
criterion is developed. The model also reduces the deficiencies identified from the FE
models purely using shell elements. The proposed macro model is validated by test data of
slab-column connections subjected to various loading conditions.

3.1 Development of macro model
3.1.1 Overview of macro model

The macro model proposed in this study jointly uses shell and connector elements
to simulate the nonlinear behavior of slabs as well as punching failure. Consistent with the
ACI 318-11 (2011) design code, a punching perimeter (critical section) for punching shear
is assumed to be located at a distance of half slab effective depth away from column faces.
The slab-column joint area is modeled by rigid shell element. The slab outside the critical
section is simulated using shell elements defined with rebar layers and nonlinear material
properties. These properties, including the constitutive relationships for concrete and
reinforcing steel and strain rate effects, are identical to those described in Sections 2.2.
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The uniqueness of the proposed macro model is that, as shown in Figure 3.1, the
slab encompassed by the assumed punching perimeter but outside the column is idealized
as a series of short beams modeled by connector elements. For convenience, these beams
are termed as connector beams in the following discussions. Two connector beams are used
at each side of a slab-column joint and oriented perpendicular to column face. Each
connector beam is fixed with the slab-column joint and connected with the slab at a node of
shell elements. Prior to a punching failure, all the degrees of freedom at this node are
shared by the connector beam and the slab. In other words, bending moment, shear, and
torsion can be transferred from the slab to the column by connector beams.

Figure 3.1 Schematic illustration of the proposed macro model.

Connector elements available in ABAQUS (2010) provide versatile functions to
model general force-displacement behavior between finite element nodes, and satisfy both
equilibrium and compatibility. Complex structural behavior can be described by connector
elements because material nonlinearity, damping, friction, damage and failure behavior can
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be associated with any component of a connector. Cartesian-Cardan connector, which
considers six degrees of freedom (three translational and three rotational), is adopted in this
study. Appendix D gives detailed information regarding Cartesian-Cardan connector.
Each connector beam is assumed with a length of d/2, a depth of h, and a width of b
= 0.5(c + d), where d is slab effective depth, h is slab thickness, and c is column width. The
connector beams are assigned with inelastic behaviors for flexure, shear and torsion. The
resistances provided by these actions are uncoupled, defined based on the assumed beam
dimension, and formulated in Sections 3.1.2 to 3.1.4. A punching failure criterion is
defined for the connector beams so that, once the criterion is met, the connector beams will
be separated from the slab and no longer effective to resist any load.

3.1.2 Flexural behavior of connector beams

Due to the high rigidity of column, the bending moment in the slab immediately
outside the column exists mainly about column face, whereas the bending about another
direction is negligible. Thus, the secondary bending is assumed as linear elastic with
significantly high stiffness. A trilinear moment-curvature relationship, as shown in Figure
3.2, is assigned to principal bending to account for slab cracking, yielding, and the reach of
ultimate strength. The moment at cracking Mcr, curvature at cracking φcr , moment at
yielding My, curvature at yielding φ y , ultimate moment Mu, and ultimate curvature φu are
computed by Equations 3.1 through 3.6 based on the assumed connector beam dimension
and the conventional approach for reinforced concrete beams (Park and Paulay, 1975).
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Figure 3.2 Flexural behavior of connector beams.

M cr =

φcr =

bh 2 ⋅ 7.5 f c′
(psi, in)
6

Equation 3.1

M cr
EI g

Equation 3.2

( ρnd ) 2 + 2 ρnd − ρnd
) (psi, in)
M y = ρbdf y (d −
3

Equation 3.3

φ y = f y / Es ⋅ (d − ( ρnd ) 2 + 2 ρnd + ρnd )

Equation 3.4

M u = ρbd 2 f y (1 − 0.6 ρf y / f c′) (psi, in)

Equation 3.5

φu = 0.004 ⋅ (0.72 f c′) / ρdf y )

Equation 3.6

where I g is the moment of inertia of beam section, ρ is slab tensile reinforcement ratio,
and n = Es / Ec .
The initial flexural stiffness for primary bending is obtained from M cr / φcr .
Equations 3.3 and 3.5 for yielding and ultimate moments are simplified expressions since
the compressive steel are neglected. Because of the confinement effect provided by the
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surrounding slab, a concrete compressive strain of 0.004, rather than 0.003, is used to
define the ultimate state. Note that, concrete crushing generally cannot be observed in the
test of a slab-column connection prior to its punching failure. Defining the ultimate
moment and curvature is used to mainly control the post-yielding flexural stiffness.

3.1.3 Axial loading and shear behavior of connector beams

The axial loading response of the connector beams is assumed as linear elastic. The
elastic stiffness is defined as EcA/L, where A is the cross section area and L is connector
beam length. The tests performed by Lips et al. (2012) indicated that, for a slab-column
connection without shear reinforcement, the shear deformation of slab prior to its punching
failure is negligible. Linear elastic behavior is therefore assumed for shear in the connector
beams. Due to the low span-to-depth ratio of the slab portion nearby column, the shear
stiffness of connector beams is computed by Equation 3.7 according to the Mindlin Theory
described by Cook et al. (2001).

K =(

6 L −1
L3
+
)
3EI cr 5GAcr

Equation 3.7

where G is the shear modulus of concrete, Acr and EIcr are the area and flexural stiffness of
post-cracking section.

3.1.4 Torsional behavior of connector beams

An elastic perfectly plastic response, as shown in Figure 3.3, is assumed for torsion
in the connector beams. This study addresses flat plates without using any type of shear
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reinforcement at slab-column connections. As described in Section 1.4.3, the tests
conducted by Kanoh and Yoshizaki (1979) on slab-column specimens without shear
reinforcement revealed that slab longitudinal reinforcement had little effect on torsional
resistance. In addition, Hsu (1968a) pointed out that the presence of longitudinal bars
caused very limited effect on the torsional strength of a reinforced concrete beam without
transverse reinforcement; the increase in torsional strength by longitudinal bars rarely
exceeded 15% and was not reliable. Therefore, the torsional strength Tu of a connector
beam is assumed only as a function of concrete strength and section geometry.

T
Tu

KT
θ
θu

Figure 3.3 Torsional behavior of connector beams.

The torsional strength Tu and the corresponding twist angle θu are defined by
Equations 3.8 and 3.9. Hsu (1968b) derived these equations for beams based on the tests of
plain concrete beams with varied cross sections (10 × 10 in., 10 ×15 in. , 10 × 20 in., 6 × 11
in., and 6 × 19.5 in.), which are analogous to the cross section geometry of connector
beams for a slab-column connection.
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Tu = 3 f c′ 6( x 2 + 10) y (psi, in.)

θu =

Equation 3.8

0.025
10
(1 + 2 ) (deg/in.)
x
xy

Equation 3.9

where x and y are the dimension of short and long side of beam cross section, respectively.
It was observed from the tests of slab-column connection under torsion (Kanoh and
Yoshizaki, 1979) that, because of slab flexural reinforcement, slab torsional cracking near
column did not lead to an immediate drop of torsional strength and the torsional behavior
was fairly ductile. Therefore, no strength degradation is assumed for the connector beams
following the reach of Tu.

3.2 Punching Failure Criterion
3.2.1 Discussions of ACI 318 code formulation and DoD recommendation

Defining an appropriate failure criterion is a critical step for simulating punching
shear failure and failure propagation in a flat plate structure. As illustrated in Figure 1.7,
the failure mode of a slab-column connection is a function of slab flexural reinforcement
ratio that affects the extent of yielding in slab and its deformation capacity. As slab tensile
reinforcement ratio increases, connection punching strength increases, however with
reduced ductility. According to the existing test data (Elstner and Hognestad, 1956;
Kinnunen, 1960; and Criswell, 1974), three types of failure mode of slab-column
connections can be classified (Stein et al., 2007): flexural failure, flexural-shear failure
(ductile shear failure) and shear failure. In general, for slabs with low reinforcement ratios
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(e.g. ρ ≤ 0.5% ), the response of slab-column connections is controlled by flexure and
punching failure occurs only after large deformation; for slabs with moderate
reinforcement ratios (e.g. 0.5% ≤ ρ ≤ 1.2% ), flexural yielding still occurs in slab near the
column but the connection has limited ductility; for slabs with high reinforcement ratios
(e.g. 1.2% ≤ ρ ), the failure of connection is controlled by shear and no ductility exists.
The punching shear strength defined in the ACI 318-11 design code (2011), as
expressed in Equation 3.10, is not considered in this study for two reasons. First, this
formulation does not consider any effect of slab flexural reinforcement ratio, leading to a
large discrepancy between the punching strength obtained from tests and that predicted by
Equation 3.10, as shown in Figure 3.4. It is also seen from this figure that the code
formulation overestimates the loading capacity of most slab-column connections with
relatively low reinforcement ratios (ρfy /60ksi < 0.6). Second, using Equation 3.10 would
imply that punching failure shall be considered as a result of reaching a specific shear stress.
This directly violates that test observations for slab-column connections without high slab
reinforcement ratios, where the punching failure shall be treated as a result of excessive
slab deformation localized near column.

Vc = 4 f c′b0 d (psi, in)

Equation 3.10

where Vc is shear strength of an interior slab-column connection, d is slab effective depth,
and b0 is the perimeter of critical section taken d/2 away from column face.
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Figure 3.4 Comparison of measured and calculated shear strength (Tian et al. 2008a).

Due to the lack of test data, the current DoD guideline (2009) defines the failure of
a component based on ASCE 41 (2006), a standard for seismic evaluations. The plastic
deformation capacity in the DoD guideline was defined based on the tests of slab-column
connections subjected to cyclic lateral loading. Compared with monotonic loading, cyclic
loading causes cumulative damages that may reduce the plastic deformation capacity of a
structural component. Moreover, it is required that an idealized yield point needs to be
defined for a deformation-controlled action so that the plastic deformation demand can be
determined and compared with plastic deformation supply. However, this yield point is
difficult to define for slab-column connections given that (1) the sharp change in stiffness
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is cause by slab cracking rather than first yielding, (2) the first yielding occurs in an early
loading stage, and (3) the spread of slab yielding from the vicinity of column to a larger
area causes a fairly gradual stiffness degradation. These characteristics are demonstrated
by Figure 3.5, which shows the load-deflection response of two slab-column connections
subjected to concentric gravity loading (Tian et al., 2008b).
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Figure 3.5 Load vs. deflection response of two slab-column connections under concentric gravity
loading (Tian et al., 2008b).

3.2.2 Adopted punching failure criterion

Due to the previously discussed drawbacks in the ACI 318 code provisions and the
DoD recommendations regarding punching resistance, this study considers Muttoni’s
formulation (Muttoni, 2008) to define a failure criterion for the connector beams. Based on
a Critical Crack theory, Muttoni (2008) correlates the shear strength of a slab-column
connection with slab rotation angle because the cracked slab behaves almost as a rigid
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body rotating about the critical shear crack. The details of this punching failure model have
been described in Section 1.4.2.2. The model defines the punching resistance as
VR
b0 d f c

VR
b0 d f c

′

′

=

3/ 4
1 + 15

ψd

1 + 15

Equation 3.11(a)

dg0 + dg
9

=

(N, mm)

ψd

(psi, in.)

Equation 3.11(b)

dg0 + dg

where VR is the connection shear or flexural-shear strength, ψ is slab rotation angle at
punching failure, d g is the maximum size of the aggregate, and d g 0 is a reference
aggregate size equal to 16 mm.
Figure 3.6 presents the normalized load vs. normalized slab rotation relationship

Figure 3.6 Failure criterion suggested by Muttoni (2008).
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(the dashed line) described by Equation 3.11 and the experimental data used to establish
this formulation. The advantages of Muttoni’s failure criterion are: (1) it rationally
reflects the mechanism of a punching failure, (2) it can be used to define all the possible
punching failure modes (flexural, flexural-shear, and shear failures) of slab-column
connection regardless of their ductility, and (3) it is simple yet accurate to be incorporated
into a system level simulation of flat plates. Muttoni’s failure criterion is also adopted
with minor modification by the CEB-FIP Model Code 2010 (2012).
In order to further examine the applicability of Equation 3.11, data of 37 tests that
were performed on slab-column specimens under concentric gravity loading but not
included by Muttoni (2008) for developing the shear resistance model are compiled in the
current study. The details of these specimens are given in Appendix B. For each test, the
slab rotation angle at punching failure is approximated by the ratio of ultimate slab center
deflection to half clear span length. This rotation angle is then compared with the failure
rotation angle determined from Equation 3.11. Figure 3.7 shows the comparison. The mean
ratio of calculated slab rotation angle to the measured one is 1.04 with a standard deviation
of 0.21. For slab-column connections transferring both gravity load and unbalanced
moment, the effectiveness of the failure criterion expressed by Equation 3.11 will be
examined in Section 3.3. Note that Equation 3.11 defines the total shear resistance of an
interior slab-column connection with a square column. Since there are two connectors
defined at each side of a column in the macro model, 1/8 of the shear resistance predicted
by Equation 3.11 is defined for a connector beam.
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Figure 3.7 Predicted vs. measured slab rotational capacity for 37 tests.

3.3 Validation of Macro Model

The proposed macro model is validated by the tests of slab-column connections
under three loading conditions (concentric gravity loading, pure torsion, and uneven
gravity loading). The model is also validated by slab-column connections subjected to
compressive membrane actions. Identical modeling approaches (such as the constitutive
relationship for concrete and reinforcing steel) considered in Section 2.3 are employed
herein to define the shell elements that simulate the slabs outside punching critical sections.
The behavioral models as well as the failure criterion for connector beams described in
Section 3.2 are applied to the test specimens.

3.3.1 Simulation of slab-column connections under concentric gravity loading

The six tests conducted by Elstner and Hognestad (1956), one test by Broms (2000),
and three tests by Guandalini et al. (2009) on isolated slab-column connections under
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concentric gravity loading are simulated using the proposed macro model. Detailed
information about the test specimens is available in Section 2.3.1. Displacement-driven
analysis is conducted on each specimen by increasing displacement at slab center until the
punching failure criterion is recognized at the connector beams.
Figures 3.8 through 3.12 present simulation results. It is seen that, in terms of
overall nonlinear response and ultimate loading capacity, the predicted and measured
load-deflection responses of the ten specimens generally agree well. The experiments
conducted by Elstner and Hognestad (1956) and Broms (2000) were not used by Muttoni
(2008) to generate the failure condition defined in Equation 3.11. Figures 3.8 through 3.12
indicate that, except for one test (Specimen A-13), the ultimate deformation capacity of a
slab-column can also be well captured by the failure criterion adopted by the present study.
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Figure 3.8 Predicted vs. measured load-deflection response (Specimens A-1c and B-1).
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Figure 3.9 Predicted vs. measured load-deflection response (Specimens B-2 and B-4).
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Figure 3.10 Predicted vs. measured load-deflection response (Specimens A-4 and A-13).
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Figure 3.12 Predicted vs. measured load-deflection response (Specimens PG-2b, PG-5 and PG-11).

The predicted rebar forces in two orthogonal directions of Specimens B-2 and B-4
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obtained from macro model are presented in Figures 3.13 and 3.14. The dashed lines
indicate the predicted yield lines. It is found that the rebar forces distribution of Specimen
B-2 and B-4 are almost identical to that shown in Figures 2.17 and 2.18 obtained from the
simulations purely using shell elements. This indicates that, even though the use of
connector beams causes discontinuity in element types at critical section, slab yielding
pattern is not affected.

Figure 3.13 Rebar forces of slab top reinforcement for Specimen B-2 (unit: lbf).
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Figure 3.14 Rebar forces of slab top reinforcement for Specimen B-4 (unit: lbf).

The slab deflection profile of Specimen PG-5 from simulation using macro model
is presented in Figure 3.15. The plastic deformation is concentrated at the critical section,
and majority of the slab exhibits a rigid-body-like rotation about critical section, a result
consistent with the observation made from the experiments conducted by Muttoni (2008).
Therefore the slab rotation can be associated with slab vertical displacement in the
nonlinear response range and used to characterize connection punching failure.
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Figure 3.15 Slab deflection profile predicted from simulation using macro model.

3.3.2 Simulation of in-plane restraint effects on slab-column connections

The slab near column tends to expand outwards under gravity loading. This
expansion, however, is restrained by the surrounding portion of slabs between the supports.
Accordingly, an in-plane lateral compressive force (compressive membrane action)
develops in the slab and increases the connection punching resistance.
As a companion effort to the present numerical study, experiments of progressive
collapse resistance of older flat plate buildings are being carried out at the University of
Missouri – Columbia (UMC). Laterally restrained and unrestrained isolated slab-column
connections with low to moderate reinforcement ratios were recently tested with
concentric gravity loading (Orton et al., 2014). Each specimen, having a 70 in. square and
5.5 in. thick slab connected with an 11 in. square column at the center, was vertically
supported at two locations along a slab edge. Figure 3.16 shows the test setup that permits
restraining slab in-plane expansion at slab boundaries. During a test, vertical loading was
applied at the center column stub. The applied load, slab center deflection, slab lateral
expansion and restraining forces were measured. From these data, the actual rigidity of
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in-plane restraint that varies during different tests was estimated.

Figure 3.16 Test setup for slab-column connections subjected to in-plane restraints and concentric
gravity loading (Photo courtesy of Dr. Ying Tian at UNLV and Dr. Sarah L. Orton at UMC).

Four tests, two with in-plane restraints and two without in-plane restraint, are
simulated to examine the macro model for simulating in-plane restraint effects on the
behavior of slab-column connections. The specimens had two reinforcement ratios, 0.67%
and 1.0%. The material properties and some test data of the specimens are summarized in
Table 3.1. The macro modeling approach used previously is identically implemented in the
models created for the specimens based on their geometry, material properties, and
boundary conditions. The in-plane restraint applied to two specimens (1.0RE and
0.67RE-NH) in the tests is simulated in model by connecting two elastic spring elements
with the shell elements at each edge of the slab. Each spring, having only axial stiffness, is
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situated in the plane of slab and perpendicular to a slab edge. The stiffness of the springs is
defined based on the in-plane restraint rigidity determined from the measured test data.
Using a displacement-driven approach, the analyses of these tests are conducted until the
failure criterion defined for the connector beams detects a punching failure.

Table 3.1 Material properties and test results (Orton et al., 2014)
Specimen

Load at
punching
(kip)

Deflection at
punching
(in.)

Lateral
boundary
condition

1.0

69.1

0.85

unrestraint

62

0.67

52.6

1.04

unrestraint

5281

62

1.0

73.9

0.80

restraint

4255

62

0.67

56.9

1.84

restraint

f c′

fy

(psi)

(ksi)

1.0UN

4842

62

0.67UN

4705

1.0RE
0.67RE-NH

ρ
(%)

Figures 3.17 and 3.18 present the simulated and measured load-deflection response
for specimens with a reinforcement ratio of 0.67% and 1.0%, respectively. It is seen that the
simulations accurately predict the punching resistance of all specimens and successfully
capture the strength enhancement due to slab in-plane restraints. Some discrepancies exist
between the measured and calculated post-cracking stiffness; however, the simulated
load-deflection response in general agrees well with the test results and the adopted failure
criterion can reasonably predict connection punching failure.
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Figure 3.17 Predicted vs. measured load-deflection response (Specimens 0.67UN and
0.67RE-NH).
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Figure 3.18 Predicted vs. measured load-deflection response (Specimens 1.0UN and 1.0RE).

3.3.3 Simulations of slab-column connections under torsion

The proposed macro model is applied to the four tests of pure torsion (Kanoh and
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Yoshizaki, 1979) that have been considered in Section 2.3.2 where the detailed information
about the test specimens is provided. Even though only a torque was externally applied to
the center column stub, the connector beams defined for a specimen experience flexure,
shear and torsion. Since it is assumed that torsion does not cause a punching failure,
analyses are conducted to introduce same twist angle in the experiments.
Figures 3.19 through 3.22 compare the predicted toque vs. twist angle response
with that measured in the tests. It is seen that the measured behavior of the specimens in
terms of stiffness degradation and strength can be well simulated by the proposed macro
model. As presented in Section 2.3.2, the connection torsional strength is much
overestimated by purely using shell elements. This deficiency has been overcome by the
proposed macro model, indicating the appropriateness of defining the torsional stiffness
and strength of connector beams using Equations 3.8 and 3.9.
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Figure 3.19 Predicted vs. measured torque-twist response (Specimens T-2).
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Figure 3.20 Predicted vs. measured torque-twist response (Specimens T-3).
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Figure 3.21 Predicted vs. measured torque-twist response (Specimens T-7).
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Figure 3.22 Predicted vs. measured torque-twist response (Specimens T-8).

Note that, at a connector beam, both torsion and vertical shear provide torsional
resistance. Because a linear elastic behavior is assumed for shear in the connector beams,
the overall response does not have a yield plateau even though torsional yielding has
already occurred soon after a twist angle of about 0.5 rad. is reached. Figure 3.23 shows the
vertical displacement contour of Specimen T-2 at the ultimate slab rotation in simulation.

Figure 3.23 Slab vertical displacement of Specimens T-2.
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3.3.4 Simulations of slab-column connections under uneven gravity loading

The macro model is applied to slab-column connections tested under unevenly
distributed gravity loads. The same six experiments (Hawkins et al., 1989) considered in
Section 2.3.3 are simulated. The stiffness and strength of connector beams associated with
flexure, shear and torsion are defined in the finite element models using the formulations
presented in Sections 3.1.2 and 3.1.4. The failure condition defined by Equation 3.11 is
incorporated into the modeling. Force-driven analyses are conducted until loading causes
the rotational deformation of the connector beams meets the failure criterion. Figures 3.24
through 3.26 show the calculated and measured load-deflection response of the specimens.
Comparisons between the predicted and the measured responses can be made on stiffness,
strength, and deformation capacity. As seen in these figures, the loading capacity of all
specimens is accurately predicted by the numerical simulations using the macro model.
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Figure 3.24 Predicted vs. measured load-deflection response (Specimens 6AH and 9.6AH).
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Figure 3.25 Predicted vs. measured load-deflection response (Specimens 6AL and 9.6AL).
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Figure 3.26 Predicted vs. measured load-deflection response (Specimens14AL and 14AH).

Except for Specimens 9.6AL and 14AH, the stiffness degradation during loading is
also well predicted. Some discrepancies exist between the predicted and measured slab
deformations for Specimens 6AH and 14AH at their final punching failure. Considering
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the relatively high degree of variability of concrete material, especially its tensile behavior
that can lead to a shear failure, the discrepancy is deemed acceptable.
The good accuracy of predicting the loading capacity can be attributed to not only
the appropriateness of using shell elements to simulate the flexural behavior of slab but
also the effectiveness of the torsional resistance model defined for the connector beams.
The analysis results obtained from the connector beams indicate that, for Specimens
labeled with AH (carrying higher levels of unbalanced moment), a significant portion of
load-carrying capacity is provided by torsion. For instance, it is found that torsion at the
connection side faces of Specimen 6AH contributes up to 42% of the total unbalanced
moment transferred between slab and column. This highlights the significance of
appropriately modeling the torsional behavior of a slab-column connection subjected to
unbalance moment.
The deformation contour of Specimens 6AH near failure state is given in Figure
3.27. Even through under uneven gravity loading, majority area of the slab exhibits a
rigid-body like rotation about the critical section.

Figure 3.27 Displacement contour of Specimen 6AH under uneven gravity loading (unit: inch).
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3.3.5 Post-punching behavior

One of the advantages of the macro model for slab-column connections is that the
connector beams assigned with failure criterion permit simulating punching failure
propagation. No post-punching resistance is assumed for the connector beams based on the
following considerations. Once a punching failure occurs, there is a transition from dowel
action to tensile membrane action for resisting the load applied to a slab-column
connection. Both actions depend on slab bottom bars because, upon a punching failure, the
top reinforcement is stripped out of slab due to the spalling of slab concrete cover. For older
flat plate buildings, the focus of this study, the slab bottom bars are anchored into the
column without sufficient development length and will be pulled out of column. Therefore,
the slab bottom bars cannot be engaged to effectively develop a tensile membrane action.
Figure 3.28 shows the load-deformation response of a slab-column specimen
0.67RE-NH (Orton et al., 2014) in the tests described in Section 3.3.2. No continuous slab
bottom reinforcement of this specimen was used at the column. Using the test setup shown
in Figure 3.16, the specimen was loaded beyond punching failure until it has completely
lost loading capacity. It is seen that, following the connection punching failure, even
though dowel action enabled a residual strength of approximately 50% of the punching
failure load, this post-punching load-carrying capacity quickly started degradation and
dropped down to zero.
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Figure 3.28 Complete load-deflection response of Specimen 0.67 RE-NH (Orton et al., 2014).

The experiments conducted by Orton et al. (2014) are first of their kind to
investigate the post-punching loading capacity of slab-column connections in older flat
plate structures. It is likely that, as more test data become available, the post-punching
response can be simulated in a more accurate manner than that assumed in the present study.
However, even though the declining post-punching capacity is considered, it may not affect
the performance of an older flat plate structure against progressive collapse.
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CHAPTER 4
PROGRESSIVE COLLAPSE ANALYSES USING MACRO MODEL

In order to examine the progressive collapse potential of older flat plate buildings, a
prototype structure is designed. Alternate path method is employed for progressive
collapse analyses of the prototype building subjected to the sudden removal of a bearing
column. Using the macro model developed in Chapter 3 for simulating the nonlinear
behavior of slab-column connections, both dynamic and static analyses are performed. The
effects of stain rate and the appropriateness of dynamic increase factor recommended in the
current DoD guideline for nonlinear static analyses is examined based on analysis results.

4.1 Prototype Structure

A four-story prototype flat plate building is designed based on the ACI 318-71
design code (1971). This building, as shown in Figures 4.1 and 4.2, has a story height of 10
ft. and four bays with an equal span length of 20 ft. in each direction. All the columns are
15 in. square. The floor slabs have an identical thickness of 7.5 in. Assuming office
occupancy for the prototype building, the design loads acting on the floor slabs include 50
psf live load and 113.75 psf dead load that accounts for slab self-weight and superimposed
dead load associated with partitions and floor finishing. It is assumed that gravity loading
based on a load combination of 1.4 DL + 1.7 LL dominates the design of floor slabs. Grade
60 reinforcing bars and concrete with a compressive strength of 4000 psi are used for all
structural members. The maximum size of concrete aggregate is assumed as 3/4 in.
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Figure 4.1 3D view of prototype structure.

Figure 4.2 Plan view of prototype structure and the columns to be removed.
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The 7.5 in. slab thickness satisfies the code requirements for both deflection
serviceability and two-way shear resistance at the slab-column connections. Since this
building has a regular floor plan conforming to Sections 13.6.3 to 13.6.6 in ACI 318-71
(1971), the Direct Design Method is used to determine the bending moment distribution
in the slabs. Both the column strips and middle strips have a width of 10 ft. for the
interior slab-column frames. The required slab flexural strengths at different locations of
the interior slab-column frames are summarized in Table 4.1.

Table 4.1 Slab design moments
Negative moment
at ext. support
(kip-ft)

Positive moment
at mid-span
(kip-ft)

Negative moment
at int. support
(kip-ft)

Exterior
span

Column strip

54.31

67.11

114.5

Middle strip

0

44.74

38.16

Interior
span

Column strip

NA

45.08

104.67

Middle strip

NA

30.05

34.88

The shaded region in Figure 4.2 indicates a typical interior column strip and
middle strip spanning from an exterior to an interior support. Since the slabs are designed
identically with respect to two orthogonal directions, Figures 4.3 and 4.4 only show the
design results in terms of slab reinforcement layout in one direction. The exterior
slab-column frames are designed in the same way so that the slab reinforcement ratios are
identical to those in the interior slab-column frames.
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Figure 4.3 Slab top reinforcement layout in typical column and middle strips.

Figure 4.4 Slab bottom reinforcement layout in typical column and middle strips.

The clear cover of slab reinforcement is 0.75 in. The reinforcement ratios of slab
top bars resisting negative bending moment in column strips are 0.64% and 0.27% for the
interior and exterior connections, respectively. The requirements regarding the minimum
spacing and amount of slab reinforcement for controlling shrinkage and temperature
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effects are satisfied in the design. The detailing rules prescribed in ACI 318-71 (1971), as
shown in Appendix A, are used to determine the curtailment of slab bars. The slab bottom
bars are embedded into the columns 4.5 in. and thus not continuous through the columns.

4.2 Finite Element Model for Prototype Building

The alternate path method considered in the DoD guideline (2009) is an easy
approach to evaluate the redundancy of a structure and its ability to bridge over the
damaged region. Although the cause of the initial damage and its local dynamic impact are
not considered, this approach does capture the consequence of instantaneous failure of a
load-bearing element. For most commercial and residential buildings classified in
Occupancy Category II, the DoD guideline (2009) specifies several load-bearing elements
to be removed when using the alternate path method. This study evaluates the potential of
progressive collapse in the prototype flat plate building subjected to (1) the sudden removal
of an interior column (column C3 in Figure 4.2) and (2) the sudden removal of an exterior
column (column C5 in Figure 4.2) at the first story.
Following the modeling approach presented in Chapter 3, a macro model is created
for the prototype flat plate building. The maximum mesh size of the shell elements for the
slabs is 4 in., which is less than the slab thickness. The concrete and steel material
properties are defined for the shell elements based on the formulations given in Section 2.2.
Two connector beams are assigned at each side of a slab-column connection. The properties
of flexure, shear and torsion for the connector beams are defined based on the approach
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presented in Section 3.1.
The failure criterion defined by Equation 3.11 is incorporated into the finite
element model for the connector beams. To determine the failure rotation angle at slab
critical sections, the following procedure is followed: (1) the circular inflection line located
at a distance of R from the center of slab-column joint is identified from an elastic gravity
loading analysis of the intact prototype structure; (2) the slab-column connection located in
a square region having a size of 2R is extracted from the continuous prototype structures; (3)
a finite element model based on the assumed material properties of slab is created for the
isolated connection; and (4) a nonlinear static analysis is performed on this slab-connection
subjected to concentric loading. Note that in step (4), in-plane restraints with representative
lateral stiffness are applied at slab perimeter and vertical supporting condition identical to
that shown in Figure 1.6(b) is adopted. Based on the analysis result and the failure criterion
defined in Equation 3.11, it is determined that a punching failure would occur in the
prototype building when slab rotation reaches 0.022 rad for slab-column connections with
a reinforcement ratio of ρ = 0.64% and 0.040 rad. for connections with ρ = 0.27% . Due
to the lack of continuity of slab bottom reinforcement at the columns, the connection
post-punching loading capacity is assumed to be zero as discussed in Section 3.3.4.
Note that the columns of a flat plate structure have much higher flexural strength
than that of the slabs. Numerous experiments of slab-column framing under cyclic lateral
loading (Pan and Moehle, 1992; Durrani et al., 1995; and Tian et al. 2008b) indicated that
the column remained linear elastic without any cracking prior to a punching failure of the
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slab. For the loading conditions considered in this study, it is expected that, following the
removal of a column, all other columns in the prototype building will not experience any
damage and thus are modeled using elastic beam elements. All the degrees of freedom at
the bottom end of a column at the first level are fully restrained.

4.3 Analysis Procedure

To simulate the effects of suddenly removing a column, the analyses are conducted
using an equivalently approach shown in Figure 4.5. First, a static analysis of the intact
prototype building is carried out to determine the forces existing in the supporting column
to be removed. Dynamic collapse analysis is then carried out by applying these forces
instantaneously at the removed column.

=

+

Figure 4.5 Analysis procedure.

102

4.3.1 Static analysis

Following the DoD guideline (2009), a service gravity load consisting of total dead
load plus 50% of live load is statically applied on the floors in the finite element model.
The forces at the top of the interior column C3 and the exterior column C5 to be removed at
the first story are determined. Table 4.2 gives these forces obtained from analysis. Due to
symmetry, only axial force exists in the interior column C3. The interior/exterior column is
then deleted from the original macro models and the previous determined column internal
forces are applied as reaction forces in opposite directions at the joint of slab and the
removed column, as shown in the middle portion of Figure 4.5. In this way, the flat plate
structure without this column has identical stress condition as that in the intact structure.

Table 4.2 Internal forces in the column to be removed
Internal Forces

Nz
(kip)

Vx
(kip)

Vy
(kip)

Mx
(kip-ft)

My
(kip-ft)

Mz
(kip-ft)

Column C5

104.1

0

5.1

23.9

0

0

Column C3

216.8

0

0

0

0

0

4.3.2 Dynamic analysis

As shown in bottom portion of Figure 4.5, the sudden loss of column C5 or C3 is
modeled by instantaneously applying column end forces to cancel the reaction forces at the
slab-column joint determined from static analyses. The DoD guideline (2009) requires that,
when nonlinear dynamic analysis procedure is employed, the duration for column removal
shall be less than 1/10 of the natural period associated with the vertical vibration of the
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bays above the removed column. This natural period is calculated from an eigenvalue
analysis as 0.34s for the prototype structure after an exterior column loss and 0.33s after an
interior column loss. In addition, from the field test of a 10-story concrete frame structure
by Sasani et al. (2007), the time spent on column removal by explosion was about 0.005s.
Therefore the column end forces were applied dynamically within about 0.005s in the
analyses. Dynamic explicit solver is adopted because of its advantage in solving problems
associated with large deformation and extremely discontinuous events. Central difference
rule is used to integrate the equations of motion explicitly through time and the kinematic
conditions are based on the results of previous step. The strain rate effects are incorporated
into the material properties for steel and concrete based on the formulations given in
Section 2.2.3. Mass density is assigned to concrete and a Rayleigh damping leading to a
5% damping ratio for the first two vibration modes is defined in the analyses.

4.4 Results of Progressive Collapse Analysis for Exterior Column Removal
4.4.1 Overall response

The dynamic analysis incorporated with punching failure criterion for the
connector beams detects a punching shear failure at connection C4 at time t = 0.22 s when
the slab rotation at this connection reaches 0.022 rad. and the downward displacement at
connection C4 reaches 5.71 in. Figure 4.6(a) shows the vertical deflection of the prototype
structure at the verge of punching failure at connection C4. The failure immediately
triggers further punching failure at connections B5 and D5 and then propagates over the
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entire floor slab until the building completely collapses, as shown in Figure 4.6(b).

(a)

(b)

Figure 4.6 Response of prototype structure under instantaneous removal of an exterior column: (a)
prior to collapse and (b) collapse (unit: in.).

To quantify the dynamic deformation and force demands on slab-column
connections due to the sudden removal of column C5, analysis is also performed without
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defining the punching failure criterion for the connector beams. Due to the almost identical
deformation characteristics of slabs among different floors, only the responses of the first
floor slab are presented in the following discussions. Figure 4.7 shows the displacement
time-history recorded at connection C5. Once column C5 is removed, connection C5 drops
down to a peak vertical displacement of δmax = 10.9 in., followed by a vibration around 10.5
in. Due to the significant inelastic response, the vertical displacement approaching the
steady state of vibration is very close to the peak displacement. The predicted first
punching failure at connection C4 based on punching failure criterion is marked with a red
dot. Figure 4.8 shows the vertical displacement contour of the two slab panels surrounding
column C5 at the peak response (slab-column joints and connector beams are not shown).
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Figure 4.7 Vertical displacement time-history at connection C5.
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Figure 4.8 Vertical displacement contour at slab panels surrounding column C5 (unit: in.).

Since a punching failure is caused by excessive slab rotation outside a critical
section, the information regarding slab rotational deformation is examined from analysis
and shown in Figures 4.9 and 4.10. In the following discussions, the rotational deformation
refers to that in the slab directly outside the assumed critical section for punching failure.
The peak downward displacement at connection C5 of δmax = 10.9 in. results in a slab local
rotation angle up to 0.044 rad. at the bottom side of Connections C4 neighboring column
C5 (downside in Figure 4.9), and 0.036 rad. at the right side of connections B5 and the left
side of Connection D5. These deformation demands have far exceeded the slab rotation
capacity of 0.022 rad. predicted by the failure criterion. This indicates that the exterior
column removal causes the slab deformation capacity at surrounding connections C4, B5,
and D5 completely exhausted, which can lead to punching failures at all these locations.
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Figure 4.9 Slab rotation about axis-1for slab panels surrounding column C5 (unit: rad.).

Figure 4.10 Slab rotation about axis-2 for slab panels surrounding column C5 (unit: rad.).

4.4.2 Slab in-plane forces and forces in connector beams

The slab in-plane forces at the first punching failure at connection C4 and the
maximum displacement at the lost column C5 are given in Figures 4.11 through 4.14.
SF1 and SF2 denote membrane forces per unit width in the local 1 and local 2 directions
shown in Figure 4.9. Positive and negative signs indicate tensile and compressive forces,
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respectively. It is noted that using connector elements at the slab-column connections
introduce discontinuity of element types, which may result in discontinuity of slab
in-plane forces. Therefore a nonlinear dynamic analysis is performed on a finite element
shell model without using connector elements. Figures 4.11 through 4.14 compare the
results of slab in-plane forces at two slab panels surrounding the removed column with
those obtained from the analyses using macro model.

(a) using shell model

(b) using macro model
Figure 4.11 Slab in-plane force in direction-1 at first punching failure.
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(a) using shell model

(b) using macro model
Figure 4.12 Slab in–plane force in direction-2 at first punching failure.
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(a) using shell model

(b) using macro model
Figure 4.13 Slab in-plane force in direction-1 at maximum displacement.
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(a) using shell model

(b) using macro model
Figure 4.14 Slab in-plane force in direction-2 at maximum displacement.

In general, the slab in-plane forces predicted by shell model and macro model are
similar. After the exterior column C5 is removed, majority region of the slab in the
column strip between the C5 and the nearest neighboring columns are subjected to
compression. This is because the expansion of concrete slab is restrained. Due to
self-equilibrium in the floor slab, the compression in slab column strip results in tensile
in-plane force in the middle strip, which is shown of the gray color area in Figure 4.11
112

through 4.14. It is noted, while the macro model predicts tensile membrane force at the
immediate vicinity of connections B5, D5, and C4, the shell model predicts compressive
membrane force at these locations. Such a difference can likely be explained by the
element discontinuity in the macro model.
Figures 4.15 and 4.16 provide the time-histories of bending moment and shear
force at connector beams B5 and C4. Flexural capacity is reached at t = 0.10 and 0.19s in
the connector beams B5 and C4, respectively. Given that punching failure occurs at t =
0.22 s, Figure 4.15 indicates that, prior to the punching failures at these connections, the
flexural strength of slab has been reached at both locations. Note that the higher moment
capacity at Connection C4 than that at Connection B5 is attributed to the wider connector
beams. The maximum shear forces are recorded at t = 0.47s, which corresponds to the
maximum downward displacement at connection C5. The shear force demand at
connection C4 is always far larger than that at Connection B5. The combination of higher
shear force demand and larger slab rotational deformation demand (discussed earlier)
indicates the greater potential of punching failure at Connection C4.
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Figure 4.15 Time-history of ending moment at connector beams B5 and C4.
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Figure 4.16 Time-history of shear force at connector beams B5 and C4.

4.4.3 Effects of dynamic loading

To study the dynamic impact on the local force and deformation demand, a
nonlinear static analysis is performed on the prototype building. Such an analysis predicts
the response of a flat plate subjected to losing the support from a column in a rather slow
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manner (for instance, malfunction of foundation or footing at this column). The ratio of
dynamic displacement to static displacement is defined as dynamic amplification factor
(DAF) by Tsai and Lin (2008).
For nonlinear static analysis, strain rate properties are not defined for the
materials and the reaction forces at exterior Column C5 are removed slowly to eliminate
dynamic loading effects. The deformation and force demands regarding the displacement
at the lost Column C5 (U3), slab rotation near Connections B5 and C4 (UR1 and UR2),
and shear and bending moment in a connector beam at these locations are listed in Table
4.3 and compared with the peak responses obtained from the dynamic analysis.

Table 4.3 Maximum deformation and force demands due to exterior column removal
V (kip)

M (kip-ft)

U3
(in.)

UR1
(rad.)

UR2
(rad.)

B5

C4

B5

C4

Static

6.00

0.026

0.024

19.5

37.5

20.4

22.9

Dynamic

10.9

0.044

0.036

22.8

46.4

21.8

24.5

DAF

1.82

1.65

1.50

1.17

1.24

1.07

1.07

The maximum slab rotation in the vicinity of Columns C4 and B5 obtained from
static analysis are 0.026 rad. and 0.024 rad., which are marginally larger than the
connection rotation capacity of 0.022 rad. at punching failure predicted by the criterion
adopted in this study. This indicates that, even if the exterior column is destroyed slowly,
punching shear failure likely still happens at some neighboring slab-column connections.
Table 4.3 also presents the values of dynamic amplification factor (DAF) defined
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as the ratio of dynamic response to static response. The DAF is evaluated for the vertical
displacement at the lost column, the slab rotations near Connections B5 and C4, and the
internal forces in the connector beams at these two locations. Note that DAF is different
from the dynamic increase factor (DIF) defined in DoD guideline (2009), which is used
to determine the loads needed to be applied in a nonlinear static analysis to achieve
results equivalent to those from a nonlinear dynamic analysis. It is seen from Table 4.3
that the DAF for slab deflection is larger than that for slab rotation. Due to extensive slab
yielding, the DAFs for force demands are much less than the DAFs for the deformation
demands and are close to unity. The higher force demands from dynamic analysis than
those from static analysis are caused by the increased flexural capacity of slabs due to
strain rate effects.

4.5 Results of Progressive Collapse Analysis for Interior Column Removal
4.5.1 Overall response

Dynamic analysis of the prototype building is first conducted by implementing the
punching failure criterion to the connector beams. The analysis indicates that the sudden
loss of interior column C3 causes punching shear failures at Connections B3, D3, C2 and
C4 simultaneously at t = 0.25s when the downward displacement at C3 reaches 5.56 in.
Figure 4.17 (a) shows the vertical displacement contour of the prototype structure prior to
the punching failures at Connections B3, D3, C2 and C4. The failures immediately cause
further punching failure at Connections B2, D2, B4 and D4 (referring to Figure 4.2). The
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failures then propagate, leading to a complete collapse of the building as shown in Figure
4.17 (b).

(a)

(b)

Figure 4.17 Response of prototype structure under instantaneous removal of an interior column: (a)
prior to collapse and (b) collapse (unit: in.).
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Dynamic analysis is also performed without defining failure criterion for the
connector beams. Due to the almost identical performance among different floors, only the
response at first floor is presented herein. Figure 4.18 shows the displacement time-history
recorded at Connection C3. After Column C3 is suddenly removed, Connection C3
displaces to a peak vertical displacement of δmax = 6.54 in., which is followed by a vibration
around 6.3 in. The punching failure at Connections B3, D3, C2 and C4 predicted
previously is indicated by a red dot in Figure 4.18. Figure 4.19 shows the vertical
displacement contour of the slab panels surrounding the removed Column C3. Figures 4.20
and 4.21 provide the contour of slab rotation about two axes in the four panels adjacent to
the removed center column when the peak dynamic response is reached. The largest slab
rotation that occurs simultaneously at Connections B3, D3, C2 and C4 is 0.030 rad., a value
much lower than the slab rotations in the scenario of removing an exterior column.
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Figure 4.18 Vertical displacement time-history at connection C3.
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Figure 4.19 Vertical displacement at slab panels surrounding Column C3 (unit: in.).

Figure 4.20 Slab rotation about axis-1for slab panels surrounding Column C3 (unit: rad.).
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Figure 4.21 Slab rotation about axis-2 for slab panels surrounding Column C3 (unit: rad.).

4.5.2 Slab in-plane forces and forces in connector beams

Figures 4.22 through 4.25 provide slab in-plane forces at first punching failure
and maximum displacement. The slab in-plane forces predicted by shell and macro
models are similar. Due to the symmetry, focus is given to in-plane forces at connection
B3 in direction-1. After column C3 is removed, the slabs in the vicinity of connection C3
is subjected to tension, while most region of slab column strip between the columns B3
and C3 is under compression. Similar observation can be made for slab in-plane force
distribution at the maximum displacement of connection C3. Similar to the case of
exterior column removal, the macro model predicts tensile membrane force in slab
nearby the column B3, although the shell model gives compressive in-plane force.
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(a) using shell model

(b) using macro model
Figure 4.22 Slab in-plane force in direction-1 at first punching failure.
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(a) using shell model

(b) using macro model
Figure 4.23 Slab in-plane force in direction-2 at first punching failure.
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(a) using shell model

(b) using macro model
Figure 4.24 Slab in-plane force in direction-1 at maximum displacement.
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(a) using shell model

(b) using macro model
Figure 4.25 Slab in-plane force in direction-2 at maximum displacement.
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Figure 4.26 (a) shows the bending moment demand of the connector beams at the
right side of Connection B3. This figure indicates that the slab at Column B3 has yielded
prior to the punching failure. Figure 4.26 (b) plots the time-history of shear force in the
connector beams at the right side of Column B3. The yielding of bending moment limits
the increase of shear forces.
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Figure 4.26 Time-history of bending moment and shear force at connector beam B3.
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4.5.3 Effects of dynamic loading

Nonlinear static analysis is performed on the prototype structure without defining
material strain rate properties. Table 4.4 summarizes the maximum deformation and force
demands determined from static and dynamic analyses. The maximum slab rotation angle
near connections B3, D3, C2 and C4 is around 0.014 rad., a value is much lower than the
connection rotation capacity of 0.022 rad. predicted by the failure criterion defined in
Equation 3.11. This indicates that, if the interior column C3 is removed slowly, the
prototype building experiences neither punching failure nor progressive collapse.

Table 4.4 Maximum deformation and force demands due to interior column removal
U3 at C3 (in.)

UR2 at B3 (rad.)

V (kip)

M (kip-ft)

Static

3.12

0.014

35.4

22.7

Dynamic

6.54

0.030

47.9

24.3

DAF

2.10

2.14

1.35

1.07

Table 4.4 also gives the dynamic amplification factors (DAFs) for force and
deformation demands on the connector beam B3. It is found that, different from the case of
losing an exterior column, the values of DAFs are similar and always greater than 2 for
both the vertical displacement at the lost interior column C3 and the slab rotation at
connection B3. Given that the DAFs for forces are generally much smaller than that for
deformations, as reflected in Table 4.4, deformation in a flat plate structure (displacement
at the lost column or slab rotation at the surrounding connections) can be a better
indicator of the degree of damage in the nonlinear range of structural response than the
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internal forces (shear or bending moment) at slab-column connections. This supports the
use of a deformation-based failure criterion for flat plate structures in this study.

4.6 Examination of Nonlinear Static Analysis Procedure in DoD Guideline
4.6.1 Effects of strain rate

The effects of strain rate on material properties are not considered in the DOD
guideline (2009) and were neglected in almost all past studies. However, as demonstrated
by the response of a nonlinear SDOF system instantaneously losing the support for
gravity load (Tian and Su, 2011), the deformation demand is sensitive to the flexural
strength of the structural component resisting collapse. To examine strain rate effect,
nonlinear dynamic analyses without defining the effects of strain rate on material
properties are carried out to simulate the response of the prototype structure subjected to
sudden loss of a column. The results are then compared with those obtained from the
dynamic analyses that have incorporated the strain rate effects in modeling. Figures 4.27
through 4.29 show the time-histories of vertical displacement at the lost column and slab
rotations at connections C4 and B5 following the sudden removal of exterior Column C5.
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Figure 4.27 Strain rate effect on vertical displacement at removed exterior Column C5.
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Figure 4.28 Strain rate effect on slab local rotation at Connection C4 (exterior column removal).
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Figure 4.29 Strain rate effect on slab local rotation at Connection B5 (exterior column removal).

Figures 4.30 and 4.31 show the time-histories of vertical displacement at Column
C3 and the slab rotation at Connection B3 after removing the interior Column C3. Table
4.5 summarizes the comparison of the peak deformation demands with and without
defining strain rate effects. It is seen from Figures 4.27 through 4.31 and Table 4.5 that
neglecting strain rate results in overestimated deformation demands by at least 22%.
Since the exterior column removal causes more nonlinearity than interior column
removal, the degree of overestimation for deformation demand due to neglecting strain
effects is higher (45% for slab rotation at Connection C4 where first punching failure
occurs). Apparently, even though strain rate increases material strengths of concrete and
steel only marginally (see Chapter 2), it causes quite reduced deformation demand both
locally and globally. This observation is significant especially when a punching failure
criterion is defined based on the deformation capacity of a slab-column connection.
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Figure 4.30 Strain rate effect on vertical displacement at removed interior Column C3.
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Figure 4.31 Strain rate effect on slab local rotation at Connection B3 (interior column removal).
Table 4.5 Effects of strain rate on deformation demand
Exterior column removal

Interior column removal

U3 at C5
(in.)

UR1 at C4
(rad.)

UR2 at B5
(in.)

U3 at C3
(rad.)

UR2 at B3
(rad.)

with strain rate effects

10.9

0.044

0.036

6.5

0.030

without strain rate effects

15.2

0.064

0.044

8.0

0.037

Degree of overestimation

39%

45%

22%

23%

23%
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4.6.2 Dynamic Increase Factor

Since nonlinear dynamic analyses are computationally expensive for analyzing a
multi-story building, the DoD guideline (2009) recommends a nonlinear static procedure
as an alternative approach. This approach requires applying a distributed load equal to the
static gravity load multiplying with a Dynamic Increase Factor (DIF) on the slab panels
situated directly above the removed column. The DIF for reinforced concrete structures is
given as

DIF = 1.04 + 0.45 /(θ pra / θ y + 0.48)

Equation 4.1

where θ pra is plastic rotation capacity and θ y is yield rotation determined from analysis.
Due to the lack of experimental data, the value of θ pra prescribed in the DoD
guideline (2009) is borrowed from the permitted plastic rotation of a structural member at
collapse prevention performance level defined in ASCE 41 (2006), a standard for seismic
evaluations. θ pra is taken as function of gravity shear ratio Vg/Vc, where Vg is the total
gravity shear acting on a slab-column connection and Vc is connection two-way shear
strength defined by ACI 318-11 (2011). When 50% of live load is assumed for the
prototype building, the gravity shear ratio is calculated as 0.41 and 0.37 for the interior and
exterior slab-column connections, respectively. Based on these values and the DoD
guideline provisions, θ pra is determined as 0.02 rad. for the connections having a slab
reinforcement ratio of 0.27%. However, for most slab-column connections where the slab
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flexural reinforcement ratio is 0.64%, θ pra is evaluated as zero. This implies that these
connections are assumed without any plastic deformation capacity and must behave
elastically following the removal of a supporting column. The DIF is therefore evaluated as
1.98 from Equation 4.1 ( θ pra = 0 controls). Using this DIF value, nonlinear static analyses
are performed on the prototype building. Neither punching failure criterion nor strain rate
effect is considered in the modeling. Figures 4.32 and 4.33 present the deformed shapes of
the prototype building at DIF = 1.98 for exterior column and interior column removals.
The load-displacement responses for the two cases are shown in Figure 4.34, where
DIF represents load level and the displacement refers to the vertical displacement at the
lost column. Table 4.6 compares the deformation demands (displacement at lost column
and slab rotations at neighboring connections) determined from nonlinear static analyses
using the DoD procedure and from the nonlinear dynamic analyses with and without
considering strain rate effects. It is seen from Figures 4.32 through 4.34 and Table 4.6 that
the use of DIF determined from the current DoD guideline result in unnecessarily
overestimated local and global deformation demands. This highlights the need of using an
improved nonlinear analysis approach to more realistically estimate the dynamic loading
response of a flat plate structure subjected to the instantaneous removal of a column.
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Figure 4.32 Vertical displacement of prototype building determined from DoD-specified nonlinear
analysis approach (exterior column removal).

Figure 4.33 Vertical displacement of prototype building determined from DoD-specified nonlinear
analysis approach (interior column removal).
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Figure 4.34 Load vs. vertical displacement at lost column response determined from
DoD-specified nonlinear analysis approach.

Table 4.6 Comparison of deformation demands determined from different analysis methods
Exterior column removal
U3 at C5
UR1 at C4 UR2 at B5
(in.)
(rad.)
(rad.)
Nonlinear static analysis
(with DIF=1.98)
Nonlinear dynamic analysis
(with strain rate effect)
Nonlinear dynamic analysis
(without strain rate effect)

Interior column removal
U3 at C3
UR2 at B3
(in.)
(rad.)

45.1

0.18

0.12

26.4

0.13

10.9

0.044

0.036

6.5

0.030

15.2

0.064

0.044

8.0

0.037
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CHAPTER 5
ENERGY-BASED NONLINEAR STATIC ANALYSIS FOR FLAT PLATES AND
PARAMETRIC STUDY

In this chapter, the applicability of an energy-based nonlinear static analysis
approach is examined for use in the progressive collapse analyses of flat plate structures.
This approach is further applied to parametric studies to investigate the effects of several
critical parameters on the collapse resistance of flat plates.

5.1 Energy-Based Nonlinear Static Analysis of Flat Plate Structures
5.1.1 Basic concept

As presented in Section 4.6.2, the nonlinear static procedure using DIF specified in
the DoD guideline (2009) results in much overestimated deformation demands for a flat
plate building. This procedure also requires the yielding rotation angle to be predetermined
from analysis so that the value of DIF can be calculated using Equation 4.1. Due to the 3D
nature of slab, the yielding expands gradually and there is no well-defined yielding plateau.
However, the DoD guideline does not explicitly specify how a yielding point shall be
defined. Moreover, as discussed in Section 1.4.4.2, due to the different loading conditions
considered, neither the equivalent beam width model nor the equivalent frame model for
flat plates is suitable for the analyses of flat plates subjected to column removal. Therefore,
the energy-based static analysis approach (Izzuddin, et al. 2008; Xu, 2011; and Main, 2013)
is adopted in this study. This approach was developed based on the principle of energy
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conservation with the assumption that the structural response is dominated by a single
deformation mode. At the peak dynamic deformation umax due to a column loss, the
external work Wext , dyna done by the applied gravity load wd can be expressed as

Wext , dyna = cwd umax

Equation 5.1

where c is a factor depending on the deformation shape. The external work Wext , dyna is
converted into strain energy of the system. It is assumed that the deformation mode is
identical under a uniform static load of ws that causes the same deformation umax . Thus,
the strain energy in the dynamic and static systems must be equal; however, the strain
energy due to static loading can be determined as

Wext , st = c ∫

u max

0

ws (u )du

Equation 5.2

where ws (u ) represents the load-displacement curve obtained from a nonlinear static
analysis. Equating Equations 5.1 and 5.2, the factor c is eliminated and a relationship
between wd and ws (u ) can be obtained as

wd

∫
=

u max

0

ws (u )du

Equation 5.3

umax

Equation 5.3 can be graphically interpreted using Figure 5.1, in which the upper
curve is obtained from a static pushdown analysis and the lower one represents the
approximate dynamic response at various levels of gravity load wd. If Point A represents
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the peak displacement, the principle of energy conservation requires that the area of
rectangular OABD be equal to the area of OAC under the static pushdown curve based on
Equation 5.3. In other words, a force-driven nonlinear static analysis shall be conducted
with increasing load intensity until the area of OAC is equal to the area of OABD. Note that
this approach does not consider the effects of damping.

Figure 5.1 Energy-based nonlinear static analysis approach.

5.1.2 Proof of energy-based nonlinear static analysis

The energy-based static analysis approach is theoretically proved using an
undamped nonlinear Single-degree-of-freedom (SDOF) system as shown in Figure 5.2.
The SDOF system supports gravity load P associated with the lumped mass. Under static
loading, the yielding load of the system is Py at a vertical displacement of δy. If the
gravity load is applied instantaneously, the beam is essentially subjected to a step force
with a magnitude of P that causes a dynamic response. The stiffness of the SDOF system
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before and after yielding is denoted as K and k = αK and the corresponding natural
frequency is denoted as ωn and ω.

Py

k= aK

P

K
dy

u =d +d y

umax = d y + d max

Figure 5.2 A nonlinear SDOF system resisting gravity load.

If P is less than 0.5 Py, the SDOF system behaves elastically. The dynamic impact
factor is equal to 2 for both force and deformation. The dynamic displacement can be
derived using Equation 5.4 (Chopra, 2007), where P/K represents static displacement.

u (t ) =

P
(1 − cos ωnt )
K

Equation 5.4

In static loading condition, a load of 2P is needed to be applied in order to
introduce the same peak displacement δ due to dynamic effects. The area of static
load-deformation response is equal to Pδ, which verifies the applicability of Equation 5.3
for linear elastic response.
If P is larger than 0.5 Py, the step load causes inelastic response of the SDOF
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system. At the time of yielding, t = ty, the yield displacement δy can be determined from
Equation 5.4 as

u y = u (t y ) =

P
(1 − cos ω n t y )
K

Equation 5.5

Thus, ty must satisfy Equation 5.6. Based on Equation 5.4, the velocity at yielding
(t = ty) can be determined using Equation 5.7.

cos ωnt y = 1 −

Py
Equation 5.6

P

2

P ⎡P ⎤
Pω
P
Pωn
2 y − ⎢ y ⎥ = y n 2 −1
u& (t y ) =
K
P ⎣P⎦
K
Py

Equation 5.7

Beyond yielding, the SDOF system vibrates taking the displacement and velocity
at yielding as initial condition. The vibration frequency ω in this phase depends on the
reduced stiffness αK. For convenience, an intermediate variable, the displacement
)
(
)
(

exceeding the yield displacement is defined as δ t = u t − u y . The equation of motion
after yielding can be formulated from dynamic equilibrium as

mδ&&(t ) + αKδ (t ) = P − Py

Equation 5.8

Taking the displacement and velocity at yielding as initial condition, δ(t) is
derived as
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δ (t ) =

Py − P

αK

cos ωt +

Pyωn
Kω

2

P
Py

− 1 sin ω t +

P − Py

αK

Equation 5.9

The maximum value of δ(t) is determined as

δ max

2
⎤
P
⎡ Py − P ⎤ ⎡ Pyωn
= ⎢
2 − 1⎥
+⎢
⎥
Py
⎣ αK ⎦ ⎢⎣ Kω
⎥⎦

2

+

P − Py
αK

Equation 5.10

Defining β = P/Py and incorporating uy = Py/K, δmax can be simplified as
⎧⎪ (1 − β ) 2

δ max = u y ⎨
⎪⎩

α2

+

2β − 1

α

+

β − 1⎫⎪
⎬
α ⎪⎭

Equation 5.11

The external work done by the gravity load wd = P, corresponding to the
rectangular area OABD in Figure 5.1, is equal to

Wext , dyna = Pumax = P(u y + δmax ) = βPy δ y (

(1 − β ) 2 2 β − 1 β − 1
+
+
+ 1)
α2
α
α

Equation 5.12

Now consider static loading condition, in which the gravity loading with
increasing magnitude is applied gradually until a displacement of umax = uy + δmax is
reached. The total strain energy stored in the SDOF system, corresponding to the area of
OAC in Figure 5.1, is calculated as

2

+

αK δ 2
2

+ Py δ

Equation 5.13

x
a
m

Py δ y

x
a
m

,

Wext st =
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Based on the definitions of α and β, Equation 5.13 can be simplifies as

Wext , st = βPy u y (

(1 − β ) 2 2 β − 1 β − 1
+
+
+ 1)
α2
α
α

Equation 5.14

It is seen from Equations 5.12 and 5.14 that the work done by dynamic loading is
equal to the work done by the static loading when same target displacement
umax = u y + δmax is reached. In other words, the rectangular OABD is equal to area of

OAC under the static load-deformation response curve.

5.1.3 Analysis procedure applied to flat plates

Based on the previous descriptions, the effectiveness of the energy-based static
analysis method for evaluating the performance of the prototype flat plate building under
column removal is examined using the following procedure:
Step 1: Create a finite element model using the macro modeling approach described in
Chapter 4. The punching failure criterion is not defined for connector beams of
slab-column connections. Perform nonlinear dynamic analyses for the structure
under three levels of gravity loads ( wd = DL, DL + 0.25LL, and DL + 0.5LL). The
results are taken as the basis to evaluate the energy-based static analysis approach.
Step 2: In the finite element model (without the removed column) generated in Step 1,
apply a gravity load wd on the bays except for the regions directly impacted by the
lost column. Meanwhile, perform a load-controlled nonlinear static analysis, in
which a uniform load w with increasing magnitude is applied on the slab panels
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situated above the removed column so that large deformation is generated in the
slabs. From the analysis results, obtain a curve for loading intensity w vs. vertical
displacement at the lost column.
Step 3: For a certain level of load intensity w, numerically evaluate the corresponding area
underneath the load-formation curve obtained from Step 2. Apply Equation 5.3, the
peak dynamic displacement umax due to the sudden column removal at a gravity
load of wd is obtained.
Step 4: Repeat Steps 2 and 3 for different gravity load levels of wd and obtain the
corresponding values of approximated peak dynamic response umax. Plot an
approximate dynamic response curve constructed by data sets of wd and umax.
Step 5: For the three gravity load levels ( wd = DL, DL + 0.25LL, and DL + 0.5LL), identify
the approximated dynamic response umax and the corresponding values of w needed
to produce umax in the static analyses. The ratios of ws to wd are calculated as the
DIFs for the three load levels. The peak displacement umax and other properties of
structural performance approximated by static analyses are compared with the
results obtained from the dynamic analyses conducted in Step 1.

5.1.4 Effectiveness of energy-based static analysis approach

Using the procedure given in Section 5.1.3, the energy-based nonlinear static
analysis method is applied to the prototype building. Note that this approach was proposed
without considering strain rate. For consistency, the strain rate effects on material
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properties are not defined in the nonlinear dynamic analyses in Step 1.
Figures 5.3 and 5.4 show the load intensity w vs. peak vertical displacement umax
curves for the cases of removing the exterior Column C5 and the interior Column C3,
respectively. The results obtained from direct nonlinear dynamic analyses at three gravity
load levels are indicated by red circles. Figure 5.3 that presents the results for exterior
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Figure 5.3 Load intensity vs. displacement at lost exterior column (without strain rate effect).
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Figure 5.4 Load intensity vs. displacement at lost interior column (without strain rate effect).
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column removal can be interpreted as follows. When a gravity load of wd = DL+0.5LL, as
indicated by the horizontal dashed line, is assumed on the floor slabs, the direct dynamic
analysis identifies a peak displacement of 15.2 in. (shown by the red circle) at Connection
C5. At this gravity load intensity, the energy-based nonlinear static analysis needs to be
conducted up to a displacement of 14.6 in. at the lost column (Point B) so that Equation 5.3
can be satisfied. This displacement, also indicated by Point A in Figure 5.3 on the line
representing wd = DL+0.5LL, is the peak dynamic displacement approximated by the
energy-based nonlinear static analysis. Applying Equation 5.3 at varying values of wd,
approximated dynamic response at different gravity load levels is obtained, as indicated by
the lower curve in Figure 5.3. It is seen that this curve is in good agreement with the red
circles representing the direct dynamic analysis results, indicating that this energy-based
nonlinear static analysis approach reasonably estimates the peak dynamic response of the
prototype structure. The same observation is obtained for the case of interior column
removal, as shown in Figure 5.4.
The DIFs are determined by the ratio of ws to wd (the ratio of load at Point B to the
load at Point A in Figures 5.3 and 5.4) and the DAFs are determined by the ratio of
displacement at Point A to that at Point C. Tables 5.1 and 5.2 summarize the analysis results,
including the deformation demands (displacement at the lost column and slab rotation
angle at the neighboring connections) determined from the dynamic analyses and the
energy-based nonlinear static analyses, the load intensity needed to equivalently produce
peak dynamic loading effects, and the corresponding DIF and DAF values. The peak
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displacements and slab local rotation predicted by the energy-based nonlinear static
analysis approach agree well with the results from direct nonlinear dynamic analysis at the
three load levels considered in this study. The average and standard deviation for the ratio
of approximated peak displacement to that determined from direct dynamic analysis are
1.04 and 0.07, respectively. The average and standard deviation for the ratio of
approximated local slab rotation to that determined from direct dynamic analysis are 1.03
and 0.15. In addition, a vertical line passing displacement of δfailure at the lost column
when the first punching failure identified from dynamic analysis is also plotted in Figures
5.3 and 5.4. The ratios of δmax,app (the peak dynamic displacement estimated from
energy-based nonlinear static analysis) to δfailure at three load levels are also given in Table
5.1 and 5.2. This ratio can be used as an indicator of progressive collapse potential.

Table 5.1 Summary of analysis results (exterior column removal, ρ = 0.64%, fc' = 4000 psi, t = 7.5
in., without strain rate effects)

Nonlinear
dynamic analysis

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

113.8

126.3

138.8

Peak displacement at C5 (in.)

8.3

11.4

15.2

Slab rotation at C4 (rad.)

0.033

0.045

0.064

Slab rotation at B5 (rad.)

0.026

0.033

0.044

ws (psf)

154.1

171.4

185.8

DIF = ws/wd

1.35

1.36

1.34

DAF

2.44

2.64

2.54

Peak displacement at C5 (in.)

8.0

11.5

14.6

Slab rotation at C4 (rad.)

0.031

0.047

0.061

Slab rotation at B5 (rad.)

0.022

0.032

0.040

δmax, app / δfailure

1.40

2.01

2.56
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Table 5.2 Summary of analysis results (interior column removal, ρ = 0.64%, fc' = 4000 psi, t = 7.5
in., without strain rate effects)

Nonlinear
dynamic analysis

Energy-based
nonlinear static
analysis

wd (psf)
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)
ws (psf)
DIF = ws/wd
DAF
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)

DL
113.8
4.9
0.022
155.9
1.37
2.16
5.6
0.027

DL+0.25LL
126.3
6.4
0.027
166.7
1.32
2.16
7.0
0.035

DL+0.5LL
138.8
8.0
0.037
179.1
1.29
2.36
8.4
0.040

δmax, app / δfailure

1.17

1.47

1.76

As mentioned previously, the energy-based nonlinear static analysis approach was
derived based on an assumption that the deformation shape obtained from this approach is
identical to that obtained from a dynamic analysis. This assumption is examined by
comparing the vertical displacement contour in the slab panels adjacent to the lost column
determined from the two types of analysis. The dynamic analysis does not consider strain
rate effects and static analysis is conducted until the vertical displacement at the lost
column reaches the same value as the peak dynamic displacement. Figures 5.5 and 5.6
show the comparisons for interior and exterior column removals in the prototype structure
subjected to a gravity load of wd = DL + 0.5 LL, respectively. It can be seen that the two
types of analysis result in almost identical distribution of vertical displacement in the slab
panels adjacent to the removed column, thereby verifying the assumption made for the
energy-based nonlinear static analysis procedure.
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(a)

(b)

Figure 5.5 Vertical deformation contour obtained from (a) dynamic analysis and (b) energy-based
static analysis (interior column removal, without strain rate effect, unit in.).
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(a)

(b)

Figure 5.6 Vertical deformation contour obtained from (a) dynamic analysis and (b) energy-based
static analysis (exterior column removal, without strain rate effect, unit: in.).

5.1.5 Incorporating effects of strain rate into energy-based static analysis approach

The energy-based nonlinear static analysis approach was formulated without
considering any effect of strain rate on material properties; however, as demonstrated in
Section 4.6.1, neglecting strain rate can overestimate the dynamic response of a flat plate
by as much as 50%. In order to indirectly account for strain rate effects, the material
strengths of concrete and reinforcing steel in the slab panels surrounding the lost column
are increased in the energy-based nonlinear static analyses. The effect of strain rate on
material stiffness is neglected for the reasons described in Section 2.2.3.
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To increase the strength of materials, the strain rates in the slab panels adjacent to
the removed column are identified from the dynamic analysis of the prototype structure
under a gravity load of DL+0.5LL. According to these strain rates and the material
properties under higher strain rates described in Section 2.2.3, modified (dynamic)
strengths for concrete and steel reinforcement, as given in Table 5.3, are suggested for use
in the energy-based nonlinear static analyses of flat plates.

Table 5.3 Increased material strength due to strain rate effect
Concrete Strength

Steel strength

Compressive

Tensile

Yield

Ultimate

Static strength

f c'

ft

fy

fu

Dynamic strength

1.20 fc'

1.30 ft

1.05 fy

1.02 fu

Following the procedures in Section 4.3 and Section 5.1.3, nonlinear dynamic
analyses and energy-based nonlinear static analyses are performed for the scenarios of
removing the exterior Column C5 and removing the interior Column C3. The static
load-displacement response obtained from the energy-based nonlinear static analyses using
dynamic

strengths

of

concrete

and

reinforcement,

the

estimated

dynamic

load-displacement response, and the peak dynamic displacement at the lost column
determined from direct dynamic analyses are shown in Figures 5.7 and 5.8 for exterior and
interior column removals, respectively.
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Figure 5.7 Load intensity vs. displacement at lost column (exterior column removal, ρ = 0.64%, fc'
= 4000 psi, t = 7.5 in.).
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Figure 5.8 Load intensity vs. displacement at lost column (interior column removal, ρ = 0.64%, fc'
= 4000 psi, t = 7.5 in.).

Using the similar procedure as described in Section 5.1.4, the predicted peak
displacement at the lost column, peak slab local rotation, the values of DIF and DAF at
three gravity load levels, and the ratio of δmax,app to δfailure are summarized in Tables 5.4 and
5.5. It can be seen that, using the enhanced material strength given in Table 5.3, good
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agreement in terms of the peak displacement at the lost column and the corresponding slab
rotation at the neighboring columns is obtained between the results from the energy-based
static analysis and direct dynamic analysis.

Table 5.4 Analysis results (exterior column removal, ρ = 0.64%, fc' = 4000 psi, t = 7.5 in.)

Nonlinear dynamic
analysis

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

113.8

126.3

138.8

Peak displacement at C5 (in.)

5.8

8.0

10.9

Slab rotation at C4 (rad.)

0.021

0.030

0.043

Slab rotation at B5 (rad.)

0.019

0.026

0.032

ws (psf)

1.07

1.17

1.28

DIF = ws/wd

1.35

1.33

1.33

DAF

2.50

2.53

2.47

Peak displacement at C5 (in.)

6.0

8.1

10.9

Slab rotation at C4 (rad.)

0.023

0.032

0.045

Slab rotation at B5 (rad.)

0.020

0.026

0.038

δmax, app / δfailure

1.05

1.41

1.90

Table 5.5 Analysis results (interior column removal, ρ = 0.64%, fc' = 4000 psi, t = 7.5 in.)

Nonlinear dynamic
analysis

Energy-based
nonlinear static
analysis

wd (psf)
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)
ws (psf)
DIF = ws/wd
DAF
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)

DL
113.8
3.9
0.016
155.5
1.37
2.47
4.2
0.018

DL+0.25LL
126.3
5.2
0.024
168.5
1.33
2.45
5.4
0.024

DL+0.5LL
138.8
6.4
0.028
182.9
1.32
2.37
6.9
0.030

δmax, app / δfailure

0.88

1.14

1.45
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5.2 Parametric Study

If a building is designed with enhanced member stiffness and strength, the removal
of a supporting column would cause less demands on the vertical displacement and plastic
hinge rotation, leading to lower vulnerability to a progressive collapse (Sasani et al. 2008b).
Slab reinforcement ratio, concrete strength and slab thickness are parameters controlling
the stiffness and punching shear strength of slab-column connections. Nonlinear dynamic
analyses at three gravity load levels (DL, DL+0.25LL, and DL+0.5LL) and energy-based
nonlinear static analyses are conducted in this section to estimate the effects of these
parameters on the progressive collapse resistance of older flat plate buildings. Strain rate
effect on material strength is considered in both dynamic and energy-based static analyses.
In order to evaluate nonlinear deformation demand, punching failure criterion is not
defined for the connector beams in the macro models.
Similarly, parametric studies are performed without defining material strain rate
effects for the prototype structure with varied reinforcement ratio, concrete strength and
slab thickness. The analyses results are summarized in Appendix C.

5.2.1 Effects of slab reinforcement ratio

The slab flexural reinforcement ratio of the prototype structure is doubled to
examine the effects of higher slab flexural strength. Accordingly, the slab reinforcement
ratio is increased from ρ = 0.64% to ρ = 1.28% for typical interior slab-column connections
and from ρ = 0.27% to ρ = 0.54% for typical exterior connections. Other parameters remain
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unchanged ( f c′ = 4000 psi and t = 7.5 in.). Note that increasing slab reinforcement ratio has
a two-fold effect since it not only reduces nonlinear deformation demand by enhancing
slab flexural strength, but also leads to reduced deformation capacity at a slab-column
connection. Based on the failure criterion adopted in this study, the predicted slab local
rotation at the punching failure of interior slab-column connections is reduced from 0.022
rad. to 0.012 rad., as shown in Figure 5.9.
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Figure 5.9 Failure rotations of slabs with different reinforcement ratios.

For exterior column removal, the peak vertical displacements at the lost column C5
are determined from dynamic analyses, indicated as red circles in Figure 5.10, and given in
Table 5.6. The predicted punching failure at the neighboring Connection C4 is denoted as a
vertical dashed line, corresponding to a displacement of 2.95 in. at Connection C5. The
slab rotations at Connections C4 and B5 at the peak dynamic response are given in Table
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5.6. Figure 5.10 also shows the analysis results obtained from the energy-based nonlinear
static analysis. The peak vertical displacement and slab local rotation approximated by
the energy-based static analysis are summarized in Table 5.6.
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Figure 5.10 Load intensity vs. displacement at lost column (exterior column removal, ρ = 1.28%, fc'
= 4000 psi, t = 7.5 in.).

Table 5.6 Analysis results (exterior column removal, ρ = 1.28%, fc' = 4000 psi, t = 7.5 in.)

Nonlinear
dynamic analysis

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

113.8

126.3

138.8

Peak displacement at C5 (in.)

3.2

4.1

5.1

Slab rotation at C4 (rad.)

0.013

0.014

0.017

Slab rotation at B5 (rad.)

0.010

0.012

0.016

ws (psf)

169.9

188.6

205.9

DIF = ws/wd

1.49

1.48

1.48

DAF

2.45

2.53

2.47

Peak displacement at C5 (in.)

2.9

3.9

5.0

Slab rotation at C4 (rad.)

0.012

0.014

0.017

Slab rotation at B5 (rad.)

0.011

0.012

0.015

δmax, app / δfailure

1.00

1.32

1.69
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For the scenario of removing the interior Column C3, analyses results are presented
in Figure 5.11 and Table 5.7 using the identical manner to that for exterior column removal.
A vertical line at a displacement of 2.75 in. at the lost column is used in Figure 5.11 to
represent the simultaneous punching failures at Connections C2, C4, B3, and D3.
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Figure 5.11 Load intensity vs. displacement at lost column (interior column removal, ρ = 1.28%, fc'
= 4000 psi, t = 7.5 in.).

Table 5.7 Analysis results (interior column removal, ρ = 1.28%, fc' = 4000 psi, t = 7.5 in.)

Nonlinear
dynamic analysis

Energy-based
nonlinear static
analysis

wd (psf)
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)
ws (psf)
DIF = ws/wd
DAF
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)

DL
113.8
2.4
0.010
167.0
1.47
2.43
2.3
0.009

DL+0.25LL
126.3
3.0
0.011
185.8
1.47
2.46
3.0
0.012

DL+0.5LL
138.8
3.5
0.014
200.2
1.45
2.45
3.7
0.014

δmax, app / δfailure

0.84

1.09

1.35
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As seen in Figures 5.10 and 5.11 and Tables 5.6 and 5.7, the results obtained from
energy-based nonlinear static analyses agree very well with the dynamic analysis results.
This verifies the effectiveness of the dynamic strengths defined for concrete and
reinforcement to account for strain rate effects in nonlinear static analyses.
Comparing of analysis results given in Tables 5.4 through 5.7 indicates that
doubling slab reinforcement ratio reduces the maximum displacement demands at the lost
column by 50~55% and 38 ~ 46% for exterior and interior column removals, respectively.
However, increased reinforcement ratio causes reduced slab ration capacity and thus
reduces displacement capacity measured to the first punching failure at the surrounding
connections (the vertical dashed lines in Figure 5.7 and Figure 5.10) by 48% and 42% for
exterior and interior column removals, respectively. Consequently, as indicated by the
slightly decreased ratio of δmax, app to δfailure, increased slab reinforcement ratio has little
effect on reducing the vulnerability of progressive collapse.

5.2.2 Effects of concrete strength

Long-term aging leads to increased concrete strength. To consider this effect on
older flat plate buildings, concrete strength is assumed as 6000 psi for the prototype
structure. Other parameters remain unchanged (ρ = 0.64% and t = 7.5 in.). The predicted
slab rotation at punching failure is slightly increased from 0.022 rad. (for fc' = 4000 psi) to
0.024 (for fc' = 6000 psi) for interior slab-column connections. Nonlinear dynamic and
energy-based nonlinear static analyses are performed for the cases of removing an exterior
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and an interior column. The analysis results are presented in Figures 5.12 and 5.13 and
Tables 5.8 and 5.9. The first punching failure is predicted at a displacement of 5.88 in. and
5.35 in. at the lost column for exterior and interior column removals, respectively.
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Figure 5.12 Load intensity vs. displacement at lost column (exterior column removal, ρ = 0.64%, fc'
= 6000 psi, t = 7.5 in.).

Table 5.8 Analysis results (exterior column removal, ρ = 0.64%, fc' = 6000 psi, t = 7.5 in.)

Nonlinear
dynamic analysis

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

113.8

126.3

138.8

Peak displacement at C5 (in.)

4.1

5.5

7.3

Slab rotation at C4 (rad.)

0.016

0.022

0.031

Slab rotation at B5 (rad.)

0.014

0.020

0.028

ws (psf)

155.5

169.9

184.3

DIF = ws/wd

1.37

1.34

1.33

DAF

2.46

2.53

2.52

Peak displacement at C5 (in.)

4.3

5.8

7.6

Slab rotation at C4 (rad.)

0.018

0.024

0.032

Slab rotation at B5 (rad.)

0.017

0.022

0.029

δmax, app / δfailure

0.73

0.98

1.29
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Figure 5.13 Load intensity vs. displacement at lost column (interior column removal, ρ = 0.64%, fc'
= 6000 psi, t = 7.5 in.).

Table 5.9 Analysis results (interior column removal, ρ = 0.64%, fc' = 6000 psi, t = 7.5 in.)

Nonlinear dynamic
analysis

Energy-based
nonlinear static
analysis

wd (psf)
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)
ws (psf)
DIF = ws/wd
DAF
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)

DL
113.8
2.6
0.012
158.4
1.39
2.50
3.0
0.013

DL+0.25LL
126.3
3.6
0.015
171.4
1.35
2.67
4.0
0.018

DL+0.5LL
138.8
4.7
0.020
184.3
1.33
2.55
5.1
0.022

δmax, app / δfailure

0.56

0.74

0.95

The agreement between the direct dynamic analyses results and those obtained
from the energy-based static analyses, as shown in Figures 5.12 and 5.13, again validates
the appropriateness of suggested dynamic material strengths for use in static analyses.
Comparing the results in Tables 5.4, 5.5, 5.8, and 5.9 reveals that increasing concrete
strength by 50% reduces the peak dynamic deformation demand by 30~32% for exterior
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column removal and 27~33% for interior column removal. Meanwhile, the connection
deformation capacity is increased by 3%. Accordingly, the ratio of δmax, app to δfailure is
reduced by 31~33% and 34~36% for exterior column and interior column removals,
respectively. Note that, except for the case of DL+0.5LL under exterior column removal,
the values of this ratio are reduced to less than unity, indicating that the prototype structure
with 6000 psi concrete may survive a progressive collapse.

5.2.3 Effects of slab thickness

Increasing slab thickness results in both higher shear and greater flexural capacity
of slab-column connections. To examine the effects of slab thickness on collapse resistance,
the slab thickness t is increased to 8.5 in. The slab rebar area is increased accordingly to
maintain the same reinforcement ratio in the prototype structure. Consequently the slab
flexural capacity is increased by 17% approximately. Other parameters remain unchanged.
It is noted that the dead load is also increased due to the increased slab self-weight. The
slab rotation at punching failure of interior slab-column connections is predicted as 0.018
rad. (Figure 5.14) based on the failure criterion expressed in Equation 3.11. The vertical
displacement at the lost column corresponding to the first punching failure is 4.55 in. for
removing the exterior Column C5 and 4.15 in for removing the interior Column C3.
Similar analyses are conducted for the two scenarios to evaluate dynamic deformation
demand and collapse potential. The analysis results are presented in Figures 5.15 and 5.16
and Tables 5.10 and 5.11.
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Figure 5.14 Predicted connection failure rotation for increased slab thickness.
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Figure 5.15 Load intensity vs. displacement at lost column (exterior column removal, ρ = 0.64%, fc'
= 4000 psi, t = 8.5 in.).
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Table 5.10 Analysis results (exterior column removal, ρ = 0.64%, fc' = 4000 psi, t = 8.5 in.)

Nonlinear
dynamic analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

126.7

139.7

152.6

Peak displacement at C5 (in.)

3.3

4.2

5.6

Slab rotation at C4 (rad.)

0.013

0.017

0.022

Slab rotation at B5 (rad.)

0.012

0.016

0.020

ws (psf)

180.0

194.4

207.4

DIF = ws/wd

1.42

1.39

1.36

DAF

2.50

2.44

2.46

Peak displacement at C5 (in.)

3.9

5.0

6.3

Slab rotation at C4 (rad.)

0.015

0.019

0.025

Slab rotation at B5 (rad.)

0.014

0.018

0.023

δmax, app / δfailure

0.87

1.10

1.38

Energy-based
nonlinear static
analysis
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Figure 5.16 Load intensity vs. displacement at lost column (interior column removal, ρ = 0.64%, fc'
= 4000 psi, t = 8.5 in.).
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Table 5.11 Analysis results (interior column removal, ρ = 0.64%, fc' = 4000 psi, t = 8.5 in.)

Nonlinear dynamic
analysis
Energy-based
nonlinear static
analysis

wd (psf)
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)
ws (psf)
DIF = ws/wd
DAF
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)

DL
126.7
2.2
0.010
181.4
1.43
2.43
2.8
0.012

DL+0.25LL
139.7
2.8
0.013
195.8
1.40
2.55
3.5
0.015

DL+0.5LL
152.6
3.8
0.016
211.7
1.39
2.58
4.4
0.019

δmax, app / δfailure

0.67

0.84

1.07

Based on the results in Tables 5.4, 5.5, 5.10, and 5.11, it is found that increasing
slab thickness to 8.5 inch reduces the dynamic deformation demand by 44~48% for
exterior column removal and 40~46% for interior column removal. However, the benefit of
reduced deformation demand is offset by the reduced deformation capacity of slab-column
connections. The vertical displacement at the lost column corresponding to the first
punching failure is reduced by 21% for exterior column removal and 13% for interior
column removal. Accordingly, the ratio of δmax, app to δfailure is reduced by 17~27% and
23~26% for exterior and interior column removals, respectively.
Comparing the δmax, app to δfailure ratios at three load levels in Table 5.6 through 5.11,
it is concluded that (1) increasing concrete strength is an effective method to reduce
collapse potential; (2) increasing slab reinforcement ratio is not effective in increasing
collapse resistance; and (3) increasing slab thickness has moderate effect on collapse
resistance.
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CHAPTER 6
SUMMARY AND CONCLUSIONS

6.1 Summary

The overall objective of this research is to numerically investigate the progressive
collapse resistance of older flat plate buildings subjected to sudden removal of a bearing
column during an extreme loading event not considered in a normal design. Three major
tasks are fulfilled: (1) developing a macro finite element model capable of both simulating
the nonlinear behavior of slab-column framing under various types of loading conditions
and the separation of slabs from columns upon punching failure, (2) applying the proposed
macro model to explore the likelihood of progressive collapse in older flat plate buildings
without structural integrity slab reinforcement, and (3) examining an energy-based
nonlinear static analysis procedure as an alternative to nonlinear dynamic analyses.
For the first task, a macro model for slab-column connections is developed. The
model contains thin shell elements embedded with rebar layer to simulate reinforced
concrete slabs and connector elements located at an assumed critical section to simulate
complex behavior up to punching failure. Concrete damaged plasticity model is employed
to define the nonlinear behavior of concrete under dynamic stress state. A linear tension
stiffening model is calibrated from tests under concentric gravity loading and adopted for
concrete tension. The connector beam elements are defined with nonlinear behaviors for
primary bending moment and torsion and with a deformation-based punching failure
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criterion. The proposed macro model is validated by totally 24 tests of isolated
slab-column connections under a broad range of loading conditions, including concentric
gravity loading with and without in-plane restraint, pure torsion, and unevenly distributed
gravity loading.
For the second task, the validated macro model is applied to progressive collapse
analysis of a multi-story prototype flat plate building designed in accordance with older
ACI building design codes. Using alternate path method, both nonlinear static and
dynamic analyses are performed on this building subjected to loading scenarios: (1)
losing an exterior column and (2) losing an interior column. The dynamic analyses
examine the potential of progressive collapse of the building, the dynamic demands on
global and local nonlinear deformations, the effects of strain rate in materials, and the
development of compressive and tensile membrane actions. The nonlinear static analyses
provide bases for evaluating the dynamic loading effects on the deformation of slabs.
For the third task, the effectiveness of an energy-based nonlinear static analysis
procedure is examined for equivalently estimating the peak dynamic global and local
response of flat plate building under sudden column removal. A theoretical proof of this
approach is provided. Suggestions of incorporating the effects of strain rate on material
strength in the nonlinear static approach are made. Finally, parametric studies are carried
out to investigate the effects of critical factors, including slab reinforcement ratio,
concrete strength and slab thickness on the collapse resistance of a flat plate structure.
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6.2 Conclusions
6.2.1 Finite element modeling of slab-column connections

(1) For slab-column connections under concentric gravity loading, using shell elements is
able to provide good predictions of load-deflection response, slab yielding pattern and
deformation characteristics.
(2) If shear stiffness degradation of concrete is not considered, the use of shell elements
alone results in much overestimated torsional resistance of slab-column connections
under pure torsional loading even though their early load-deformation response can
be well simulated. Such a deficiency leads to overestimated stiffness and strength of
slab-column connections subjected to unevenly distributed gravity loads.
(3) Since the responses predicted by the proposed macro model agree well with test
results, the macro model is capable of simulating the complex inelastic behavior of
slab-column connections subjected to various loading conditions. The macro model
incorporated with the deformation-based failure criterion can also accurately predict
connection punching failure.

6.2.2 Progressive collapse analyses using proposed macro model

(1) When a load-bearing column is destroyed suddenly, older flat plate structures
without continuous slab bottom reinforcement at columns are highly vulnerable to
progressive collapse. For the prototype building under 50% of design live load, the
instantaneous removal of a column causes punching failure at neighboring
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slab-column connections. The failure immediately propagates over the entire slab
floors, leading to a progressive collapse.
(2) Losing an exterior column results in a much higher demand on slab local rotation
than losing an interior column, which in turn leads to greater potential of progressive
collapse.
(3) After a column is removed, the slabs tend to have outward in-plane displacement
along the column strip. This expansion, however, is restrained by the adjacent slabs
and columns, resulting in compressive forces in most area of slab column strip.
Therefore, compressive membrane action in slabs may contribute to the progressive
collapse resistance of a flat plate.
(4) Even though strain rate increases material strengths of concrete and steel only
marginally, it can cause quite reduced dynamic deformation demand both locally and
globally. Neglecting the effects of strain rate in a dynamic progressive collapse
analysis can cause as much as 45% overestimation of deformation demand in slabs.

6.2.3 Application of energy-based nonlinear static analysis to flat plate structures

(1) The dynamic increase factor (DIF) specified in the current DoD design guideline for
nonlinear static analysis leads to unrealistically overestimated deformation demand
of flat plate structures.
(2) The energy-based nonlinear static procedure, as an alternative to nonlinear dynamic
analysis, is an accurate and efficient approach for predicting the dynamic response, in
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terms of both local and global deformation demands, for flat plate structures
subjected to a sudden column loss.
(3) To indirectly account for stain rate effects, concrete compressive strength, concrete
tensile strength, steel yield strength, and steel ultimate strength are suggested to be
increased by 20%, 30%, 5%, and 2%, respectively, in energy-based nonlinear static
analyses. The proposed dynamic material strengths are independently validated by
the dynamic analyses of prototype buildings with different slab reinforcement ratios,
concrete strength and slab thickness.
(4) It is found that increasing slab reinforcement ratio, which increases slab flexural
capacity, has little effect on reducing progressive collapse potential of a flat plate due
to the reduced connection deformation capacity; however, slab concrete strength is
more influential in collapse resistance since higher strength both reduces dynamic
deformation demand and increases slab-column connection punching strength and
ductility.

6.3 Suggestions for Future Research

(1) Large-scale experiments are suggested including (1) fast loading tests of isolated
slab-column connections to validate the modeling approach for strain rate effects on
materials, and (2) multi-panel dynamic tests simulating sudden column removal to
further validate the proposed macro model used in system level analyses of flat
plates.
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(2) Incorporating shear stiffness degradation of concrete into finite element modeling is
suggested so that the use of shell elements can accurately simulate the response of
slab-column connections subjected to unbalanced moment.
(3) Little focus was given to the post-punching behavior of slab-column connections in
the past experimental or analytical studies. In order to more accurately capture the
load redistribution and failure propagation after initial punching failure of a
slab-column connection, experimental studies are needed to provide critical data,
based on which reliable mechanical models for the post-punching behavior of
slab-column connections can be created.
(4) Given that older flat plate structures are highly vulnerable to progressive collapse,
retrofitting approaches of enhancing their resilience against progressive collapse are
needed.
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Appendix A
Reinforcement detailing for two-way slab (Figure reproduced from (ACI 318-1971))
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Appendix B Predicted connection failure using Muttoni’s failure criterion (2008)
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Reference

Specimen

Slab
thickness
(mm)

Slab top
rein. ratio
(%)

Failure
load(kN)

Measured
rotation angle

Calculated
rotation angle

Calculated/
Measured

Elstner et al.

A-1a

152.4

0.0079

302.5

0.014

0.013

0.89

Elstner et al.

A-1b

152.4

0.0152

364.75

0.018

0.016

0.9

Elstner et al.

A-1c

152.4

0.0154

355.86

0.017

0.02

1.17

Elstner et al.

A-1d

152.4

0.25

351.41

0.015

0.026

1.67

Elstner et al.

A-1e

152.4

0.25

355.86

0.015

0.013

0.89

Elstner et al.

A-4

152.4

0.28

400.34

0.019

0.023

1.2

Elstner et al.

A-13

152.4

0.33

235.76

0.039

0.055

1.42

Elstner et al.

B-1

152.4

0.33

178.37

0.036

0.035

0.96

Elstner et al.

B-2

152.4

0.33

200.17

0.043

0.07

1.64

Elstner et al.

B-4

152.4

0.5

333.62

0.029

0.034

1.18

Criswell

S2075-1

165

0.5

290

0.036

0.026

0.72

Criswell

S2150-1

165

0.5

462.62

0.017

0.01

0.57

Criswell

S4150-1

165

0.5

579.16

0.025

0.022

0.86

Swamy and Ali

S-1

125

0.5

197.7

0.031

0.024

0.75

Broms

9

180

0.55

408

0.018

0.016

0.89

Broms

9a

180

0.56

360

0.014

0.016

1.12

Ospina et al.

SR1

155

0.64

365

0.017

0.019

1.08

Pilakoutas and Li

PSS-A

175

0.72

454

0.015

0.01

0.67

Appendix B Predicted connection failure using Muttoni’s failure criterion (2008) (cont’d)
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Reference

Specimen

Slab
thickness
(mm)

Slab top
rein. ratio
(%)

Failure
load (kN)

Measured
rotation angle

Calculated
rotation angle

Calculated/
Measured

Birkle and Dilger

10

300

0.75

1046

0.01

0.014

1.36

Birkle and Dilger

1

160

0.75

483

0.012

0.012

0.97

Birkle and Dilger

7

230

0.76

825

0.013

0.013

0.96

Tian et al.

G0.5

152

0.87

311

0.031

0.036

1.15

Tian et al.

G1.0

152

0.99

407

0.03

0.018

0.59

Guandalini

PG-1

250

1.1

1023

0.007

0.005

0.71

Guandalini

PG-2b

250

1.15

440

0.023

0.033

1.47

Guandalini

PG-4

250

1.15

408

0.02

0.02

0.98

Guandalini

PG-5

250

1.15

550

0.021

0.012

0.58

Guandalini

PG-10

250

1.15

540

0.019

0.02

1.04

Guandalini

PG-11

250

1.15

772.38

0.01

0.012

1.15

Guandalini

PG-3

500

1.15

2153

0.007

0.012

1.75

Guandalini

PG-6

125

1.18

238

0.009

0.014

1.43

Guandalini

PG-7

125

1.3

241

0.02

0.015

0.72

Yang et al.

MU2

150

1.5

296

0.024

0.021

0.9

Yang et al.

S1-U

150

1.54

301

0.018

0.021

1.17

Appendix C
Parametric study for progressive collapse analysis without considering strain rate
effects
Table C.1 Summary of analysis results (exterior column removal, ρ = 1.28%, fc' = 4000 psi, t =
7.5 in., without strain rate effects)

Nonlinear
dynamic analysis

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

113.8

126.3

138.8

Peak displacement at C5 (in.)

4.2

5.4

6.7

Slab rotation at C4 (rad.)

0.014

0.016

0.019

Slab rotation at B5 (rad.)

0.011

0.014

0.016

ws (psf)

165.6

185.8

204.5

DIF = ws/wd

1.46

1.47

1.47

DAF

2.16

2.16

2.36

Peak displacement at C5 (in.)

4.1

5.2

6.6

Slab rotation at C4 (rad.)

0.013

0.016

0.018

Slab rotation at B5 (rad.)

0.010

0.014

0.016

δmax / δfailure

1.39

1.76

2.34

Table C.2 Summary of analysis results (interior column removal, ρ = 1.28%, fc' = 4000 psi, t = 7.5
in., without strain rate effects)

Nonlinear
dynamic analysis

Energy-based
nonlinear static
analysis

wd (psf)
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)
ws (psf)
DIF = ws/wd
DAF
Peak displacement at C3 (in.)
Slab rotation at B3 (rad.)

DL
113.8
2.8
0.010
171.4
1.51
2.31
3.0
0.011

DL+0.25LL
126.3
3.4
0.013
188.6
1.49
2.31
3.7
0.014

DL+0.5LL
138.8
4.0
0.016
203.0
1.46
2.32
4.4
0.017

δmax / δfailure

1.09

1.35

1.60
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Table C.3 Summary of analysis results (exterior column removal, ρ = 0.64%, fc' = 6000 psi, t =
7.5 in., without strain rate effects)

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

113.8

126.3

138.8

ws (psf)

154.1

168.5

182.9

DIF = ws/wd

1.35

1.33

1.32

DAF

2.47

2.48

2.52

Peak displacement at C5 (in.)

5.6

7.6

10.1

Slab rotation at C4 (rad.)

0.023

0.030

0.043

Slab rotation at B5 (rad.)

0.020

0.027

0.033

δmax / δfailure

0.95

1.29

1.72

Table C.4 Summary of analysis results (interior column removal, ρ = 0.64%, fc' = 6000 psi, t =
7.5 in., without strain rate effects)

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

113.8

126.3

138.8

ws (psf)

155.5

169.9

182.9

DIF = ws/wd

1.37

1.34

1.32

DAF

2.40

2.63

2.60

Peak displacement at C5 (in.)

3.6

5.0

6.5

Slab rotation at B3 (rad.)

0.015

0.022

0.028

δmax / δfailure

0.67

0.93

1.21
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Table C.5 Summary of analysis results (exterior column removal, ρ = 0.64%, fc' = 4000 psi, t =
8.5 in., without strain rate effects)

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

126.7

139.7

152.6

ws (psf)

177.1

191.5

205.9

DIF = ws/wd

1.40

1.37

1.35

DAF

2.45

2.47

2.52

Peak displacement at C5 (in.)

4.9

6.3

8.1

Slab rotation at C4 (rad.)

0.019

0.024

0.033

Slab rotation at B5 (rad.)

0.017

0.022

0.027

δmax / δfailure

1.07

1.38

1.78

Table C.6 Summary of analysis results (interior column removal, ρ = 0.64%, fc' = 4000 psi, t = 8.5
in., without strain rate effects)

Energy-based
nonlinear static
analysis

DL

DL+0.25LL

DL+0.5LL

wd (psf)

126.7

139.7

152.6

ws (psf)

178.6

194.4

210.2

DIF = ws/wd

1.41

1.39

1.38

DAF

2.36

2.53

2.62

Peak displacement at C5 (in.)

3.3

4.3

5.5

Slab rotation at B3 (rad.)

0.014

0.018

0.023

δmax / δfailure

0.79

1.04

1.33
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Appendix D Cardan and Cartesian connector elements
(Reproduced from ABAQUA 6.10 Manual (2010))
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